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LABORATORY AND IN-SITU PERMEABILITY OF SAND 


Charles L Mansur,! M. ASCE 
(Proc. Paper 1142) 


SYNOPSIS 


Seepage analyses and design of seepage control measures require a rea- 
sonably accurate knowledge of the coefficient of permeability of the strata of 
sand involved. The results of laboratory tests on remolded sand samples are 
compared with permeabilities obtained from field pumping tests in which the 
permeabilities of individual sand strata were determined from drawdown 
curves and flow from the strata as measured with a special well meter. 


INTRODUCTION 


One of the main problems in the analysis and design of measures to control 
seepage beneath dams and levees underlain by strata of pervious sands is the 
correct determination of the vertical and horizontal coefficients of permeabili- 
ty of the various strata of sand. This knowledge is necessary for drawing 
flow nets, determination of “effective” penetration of relief wells, and com- 
putation of seepage flows. 

Although it has long been realized that there is a significant difference in 
the vertical and horizontal permeability of a given sand stratum as well as 
variation between strata, the usual practice is to estimate an over-all per- 
meability of a given sand stratum from mechanical analyses of samples ob- 
tained from bailer or split-spoon borings, or by means of falling head tests2 
in a well or piezometer, or in some cases by means of pumping tests on par- 
tially or fully penetrating wells. The horizontal or vertical permeability of 
any given sand stratum is usually either guessed or ignored. 


Note: Discussion open until June 1, 1957. Paper 1142 is part of the copyrighted Journal 
of the Soil Mechanics and Foundations Division of the American Society of Civil Engi- 
neers, Vol. 83, No. SM 1, January, 1957. 

1. Asst. Chf., Embankment and Foundation Branch, Soils Div., Waterways Ex- 


periment Station, Corps of Engrs., U. S. Dept. of the Army, Vicksburg, 
Miss. 

2. “Time Lag and Soil Permeability in Ground Water Observations,” Bulletin 
No. 36, Waterways Experiment Station, Corps of Engrs., Vicksburg, Miss. 
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About four years ago, a field sampling procedure3 was developed that per- 
mits undisturbed sampling of sand either above or below the water table at 
reasonable cost. By transporting these samples to the laboratory in a verti- 
cal position and testing them while they are still in the tube, reasonably 
accurate vertical permeabilities of relatively fine sand samples can be ob- 
tained. The accuracy of such tests on medium or coarse sand is sometimes 
questionable because the drilling mud used in connection with the sampling 
procedure may penetrate the sand ahead of the sample tube or follow its cut- 
ting edge as it is pushed down, thereby contaminating the sample and possibly 
reducing significantly its permeability. 

Recently, the author has had occasion to determine the in-situ horizontal 
permeability of various sand strata in the alluvial valley of the Mississippi 
River. These determinations were made by means of special pumping tests 
in connection with the design of relief well systems along levees in the St. 
Louis District, CE, and with the design of dewatering and seepage control 
facilities for a proposed lock to connect the Mississippi and Atchafalaya 
rivers at the proposed closure* of Old River approximately 45 miles south of 
Natchez, Mississippi. The horizontal in-situ permeabilities of the various 
sand strata encountered at these sites were determined by measuring the 
flow in a fully penetrating well screen by means of a sensitive well-flow 
meter at the boundary of each sand stratum as previously delineated by a 
boring at each site. From the flow (q) into the test well from each different 
stratum, the thickness (d) of the stratum, drawdown in the well (or drawdown 
curve to the well), radius of well, and radius of influence (or distance 
to known points of drawdown), the horizontal permeability of the stratum be- 
ing tested could be computed from the following formula for artesian flow in- 
to a well (the nature of the formations was such as to cause essentially 
artesian flow). 

r 
2.3 log = q 


2nwd(h_,-h 


r-2) 


As a part of these studies, mechanical analyses and laboratory permea- 
bility tests were made on samples from different sand strata obtained by 
means of auger, bailer, and split-spoon samplers, and a 3-in, Shelby tube 
(undisturbed sampler), and on samples obtained during drilling of the wells. 
An attempt was also made to correlate the coefficients of permeability as 
determined in the laboratory and in the field with the effective grain size of 
the various strata. The tests of the wells also included determination of the 
specific yield (flow per foot of drawdown in the well) of each well, drawdown 
in each well versus time of pumping at a constant rate, drawdown curves to 
each well at various rates of pumping, flow versus drawdown, and hydraulic 
head losses through the filter, screen, and in the well. 

This paper describes the methods used for taking the samples and install- 
ing the wells, the results of the laboratory tests, procedures for making the 


3. “Undisturbed Sand Sampling Below the Water Table,” Bulletin No. 35, 
Waterways Experiment Station, CE, Vicksburg, Miss. 

4. “Mississippi-Atchafalaya Diversion Problem,” by John R. Hardin, Military 
Engineer, vol. XLVI, 1954, p 87-92. 
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field pumping tests, the results of the pumping tests, and presents a compari- 
son of permeabilities as obtained in the laboratory and in the field. 


Test Wells, Piezometers, and Borings 


The test wells were 8 inches I.D. and were of the types and installed by 
the methods given in table 1. 


Table 1. Type of Test Wells and Methods of Installation 


Length Sand Aguifer 


of Penetra- 
Filter Well- Thickness tion 
Type of Thickness Screen in by Screen 
Well Screen Inches Feet Feet % 


Wood - 6 
3/16" slots 


Wood - 
3/16" slots 


Metal - 
No. 12 and 
No. 8 slots 


Note: Wells H-151A and FC-105 installed by reverse rotary method; 
well OR-1 with a bailer and casing. Open slot area in 
wooden screens = 27 sq in. per linear foot of screen. 


Fig. 1 shows a section of wooden well screen used in wells H-151A and 
FC-105. The well flow meter? (fig. 1) used for measuring the flow in the 
well screen consisted essentially of an impeller rotating about a vertical 
axis, a yoke containing the impeller bearings, an adapter for centering the 
yoke in the well, a cable for lowering this assembly to any desired depth in 
the well, and an electrical system for counting impeller revolutions. The 
meter was calibrated by observing the rate of impeller revolution (deter- 
mined electrically) at known rates of flow in a vertical 8-inch I.D. pipe. 

As holes for the wells were advanced, samples were taken from the drill- 
ing effluent or bailer, depending on the method of installation. It was not pos- 
sible with the equipment used to install wells H-151A and FC-105 to the full 
depth of the sand aquifer because of the presence of large cobbles near the 
bottom of the alluvial valley. After the wooden well screens were installed a 
specially designed and prepared filter gravel (fig. 5) was placed around the 
slotted wooden screen by means of a tremie pipe. The wells were then de- 
veloped by means of a surge block and pumping. 

Piezometers to measure the drawdown to the wells were installed in the 
upper part of the sand aquifer on ranges perpendicular and parallel to the 


5. “Waterways Experiment Station Relief Well Flow Meter.” Miscellaneous 
Paper 5-83, Waterways Experiment Station, CE, Vicksburg, Miss. 


Well 
Number 
FC-105 6 120 86 95 90 
OR-1 pO None 148 99 118 86 | 
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river. (Only data obtained from the latter ranges are included in this paper.) 
Some special piezometers were installed at various depths at the outer peri- 
phery of the gravel filter around wells H-151A and FC-105 to measure the 
loss in head through the filter and screen and in the well (see figs. 2 and 3). 
Piezometers were installed on a line from well OR-1 in both the upper and 
lower sand strata found at the site of this well. 

Before installation of any of the wells, an exploratory boring was made at 
or immediately adjacent to each test well to obtain samples for laboratory 
tests and to determine the stratification of the sand aquifer. A split-spoon 
sampler was used to take samples in a mudded hole at wells H-151A and 
FC-105; logs of these borings are shown on figs. 2 and 3. A 3-in. Shelby tube 
sampler was used to take undisturbed samples of sand in borings LS-2 and 
L-8 adjacent to well OR-1 (see fig. 4 for logs of these borings). 


Laboratory Tests 


All samples obtained from the borings and well drilling operations were 
classified on the basis of the Unified Soil Classification System& and are 
plotted on figs. 2, 3, and 4. Mechanical analyses were made on samples 
taken by means of the split-spoon, Shelby tube, and bailer samplers and on 
samples collected from the effluent of the reverse rotary well-drilling opera- 
tions. Grain-size curves obtained from these tests are shown on fig. 5. The 
reference numbers shown on the grain-size curves correspond to the refer- 
ence numbers on figs. 2, 3, and 4. The effective grain sizes of the samples 
tested are also shown in these figures. 

The coefficient of permeability was determined in the laboratory ona 
number of remolded samples obtained by the various methods previously 
described. The results of these tests are plotted on figs. 2, 3, and 4 at the 
corresponding elevation at which the sample was taken. All of the permea- 
bility tests were made in a constant-head permeameter. Samples obtained by 
means of a split-spoon sampler in a mudded hole were thoroughly washed be- 
fore testing to remove any traces of drilling mud. Care was taken to insure 
that no natural “fines” were lost during the washing process. 

The coefficients of permeability as determined in the laboratory on sam- 
ples taken in connection with wells H-151A and FC-105 were adjusted to the 
estimated natural void ratio for each sample by the formula 

e 
nae ky x 2, and to a temperature of 20°C. The permeability tests on 
samples obtained from the borings at well OR-1 were run at two or three dif- 
ferent void ratios; the permeability at the estimated natural void ratio was 
interpolated from these data. The natural void ratio of each sample in situ 
was estimated from the Ds grain size of the sample from the correlation 
given in the following table. 


k 


6. “Unified Soil Classification System,” T.M. 3-357, dated March 1953, pre- 
pared for the Office, Chief of Engineers, by the Waterways Experiment 
Station. 

7. “Potamology Investigations, Report No. 12-2, Summary Report of Soils 
Studies,” dated October 1952, Waterways Experiment Station, CE, 
Vicksburg, Miss. 


4 
a 
AY 
‘ 
3 


MANSUR 


Table 2 


Relation between Grain Size (Dso) and Natural Void Ratio (e,)! 


Void Void Void 
mm Ratio (e) D Ratio (e) 


50 50 in mm Ratio (e) 50 mm 


Note: The above correlation is actually for peek grain diameter 
Dp rather than Dog. However, Dy = Dso- 


7 "Poteamology Investigations, Report No. 12-2, Summary Report of 
Soils Studies," dated October 1952, Waterways Experiment Station, 
CE, Vicksburg, Miss. 


Field Pumping Test Procedures 


Immediately prior to any of the pumping tests, the ground-water table in 
the vicinity of each well was determined by reading adjacent piezometers and 
wells previously installed on a line out from the test well and perpendicular 
to the line of seepage flow from the river. The water-surface elevation of the 
river during the day the test was run was also determined. In general, the 
river stage was quite stable except during the test on well FC-105 when the 
river was falling at a rate of one foot a day, resulting in a change in the 
ground-water table of approximately 0.1 foot per day. The measured draw- 
downs in the well and piezometers were adjusted to take into account this 
change in the ground-water table. 

The pumping tests consisted of pumping each well at three different rates 
of flow and measuring the drawdown in the well and in adjacent piezometers 
and wells. An accurate record was kept of the flow and drawdown in the well 
with time (fig. 6). In pumping the wells an effort was made to set the pump at 
a constant rate of discharge and then let the drawdown in and adjacent to the 
well become stabilized. After the drawdown had become stabilized the 
piezometers were read (fig. 7). The flow in the well screen was also mea- 
sured at specified intervals or at changes in sand strata by means of the well 
flow meter. Head losses through the filter and well screen plus those inside 
the well were measured for wells H-151A and FC-105 by the special piezo- 
meters previously mentioned. 


Pumping Test Data 


The flow to the test wells was essentially artesian because of the existence 
of upper and lower impervious strata bounding the principal sand aquifer, and 
the fact that the water in the well was not drawn down below the top of the 
main sand stratum. As would be expected for artesian flow, drawdown in the 
test wells stabilized quite rapidly at a constant rate of pumping (see fig. 6); 
approximately 80% stabilization was achieved in 15 to 30 minutes with prac- 
tically full stabilization in 2 hours. 

Well flow and drawdown within the test wells and in the adjacent piezome- 
ters are shown for three constant rates of pumping on fig. 7. The elevation of 
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e 0.20 0.703 0.45 0.572 0.70 0.537 
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the water table immediately prior to the start of pumping is also shown on 
fig. 7. As may be noted from this figure, the drawdown curves when plotted 
on a semilog graph are relatively straight lines. The slight curvature within 
20 feet of wells H-151A and OR-1 can probably be attributed to the fact that 
the screens for these wells did not completely penetrate the pervious aquifer. 
The intersection of the drawdown curves with the outer periphery of the filter 
or well screen (for well OR-1) above the elevation of water in the well re- 
flects head losses into and within the well. In this connection it is pointed out 
that the tips of all of the piezometers except those adjacent to the filter 
gravel (wells H-151A and FC-105) and at elev -90 (well OR-1) were at the 
upper part of the main sand aquifer. It is of interest to note that the draw- 
down curves obtained from the deep piezometers at well OR-1 are essentially 
parallel to but slightly above the curves obtained from readings of the upper 
piezometers. The vertical difference between the two curves for the same 
rate of pumping is approximately equal to the head loss inside the well screen 
between elev -10 and -90. 

The radius of influence was approximately the same for the different draw- 
downs tested (see fig. 7 and table 3). 


Table 3. Radius of Influence of Test Wells 


Distance Radius of Influence 
to Meas. Parallel to 
Well Drawdown River Bank River Bank Remarks 
Number Feet Feet Feet 


H-151A 0.9 to 3.5 1050 550 to 650 - 
FC-105 0.9 to 2.6 3000 1000 to 1100 - 


OR-1 3.9 to 8.3 900 1400 to 1500 Upper 
piezometers 

1100 to 1200 Lower 
piezometers 


The yields for the test wells are plotted on fig. 8 for various drawdowns. 
The specific yield or specific capacity (flow per foot of drawdown) of the 
wells is as follows: well H-151A, 221 gpm; well FC-105, 378 gpm; well OR-1, 
55 gpm. The drawdown-well flow curves shown for the test wells on fig. 8 
are straight lines for well flows up to approximately 400 gpm, thus indicating 
that the flow to the test wells was essentially artesian. The reduced increase 
in well flow for corresponding drawdowns for flows in excess of 400 gpm for 
wells H-151A and FC-105 may be attributed to increased screen entrance 
losses and hydraulic head losses within the well screen and riser pipe result- 
ing from the high flows. 

The head loss through the filter and screen as measured by piezometers 
located at the outer periphery of the filter gravel for wells H-151A and 
FC-105 is plotted on fig. 9. The flow through the screen at the location of the 
piezometer tips was obtained from well flow meter readings made in the well 
screen immediately above and below the piezometer tips. The head loss 
through the filter and screen as plotted on fig. 9 was taken to be equal to the 
piezometer readings minus the elevation of the water in the well, minus the 
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computed hydraulic head losses in the well screen and river pipe from the 
elevation of the piezometer tip to the bottom of the suction pipe in the well. 
As may be noted from fig. 9, the head loss through the filter and wooden well 
screen was quite small, amounting to only about 0.10 to 0.25 foot for a flow 
through the well screen of 10 gpm per foot of screen. These observed head 
losses compare quite favorably with head losses measured for a similar well 
and filter installed in a specially constructed well testing tank set up in the 
laboratory.8 In these tests the measured head loss through the filter and 
screen was approximately 0.25 foot for a well discharge of 10 gpm per foot 
of screen. The slightly higher entrance loss measured in the laboratory can 
be attributed to the fact that the laboratory test well had an inside diameter 
of 6 inches with a total open area of slots of 10.5 square inches compared to 
the 27 square inches per linear foot of screen of wells H-151A and FC-105. 

The lengths and depths of the well screens for the various test wells in 
relation to the depth and stratification of the sand aquifer in which the wells 
were installed are shown adjacent to the well log on figs. 2, 3, and 4. The 
locations at which well flow meter readings were taken and their relation to 
the stratification of the sand aquifer are also shown on these figures. 

The coefficient of permeability of individual sand strata as obtained from 
the pumping tests and well meter readings and computed by equation (1) is 
plotted as a bar graph to the right of the well log on figs. 2, 3, and 4. Also 
plotted on these graphs is the average permeability of the sand aquifer as 
determined from the pumping tests and the coefficient of permeability as 
determined from laboratory tests on samples taken from the various sand 
strata as indicated. 


Analysis of Laboratory and Field Pumping Test Data 


The mechanical analyses and laboratory permeability tests made on sam- 
ples of sand from well drilling effluent from wells H-151A and FC-105 were 
not sufficient to permit a comparison of effective grain size, grain-size 
curves, or laboratory permeabilities with samples obtained by split spoon 
sampling. Even if more laboratory tests had been made, comparisons prob- 
ably would not have been truly valid because of the high degree of stratifica- 
tion and variation of grain size in the sand strata at the sites for these two 
wells. 

At well OR-1 the variation in grain-size characteristics within any spe- 
cific sand stratum was much less than at the other test wells. In fact, the 
sands within the same general sand stratum were not only quite uniform with 
depth but also horizontally between borings at this well which were 50 feet 
apart (see figs. 4 and 5). A comparison between Dj9’s, Dg5’s, laboratory 
permeabilities, and field permeabilities, based on averages of the data shown 
on fig. 4 is given in the following table. 

As may be seen from table 4 and fig. 4, for the very uniform sand strata 
at the site of well OR-1 very good agreement was obtained between both grain 
size (Dyg and Dgs) and permeability of sand samples as determined from 
samples obtained with a 3-in. Shelby tube sampler and a bailer. This agree- 
ment is attributed to the uniformity of the sand strata, the uniform grading of 


8. “Control of Underseepage by Relief Wells, Trotters, Miss.” T.M. 3-341, 
dated April 1952, Waterways Experiment Station, Vicksburg, Miss. 
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Table 4 


Comparison of Average Values of Djo, Dgs , and ky as Determined from 


Laboratory Tests on Samples Obtained with a 3-inch Shelby Tube 
Sampler (S) at Well OR-1 and a Bailer Sampler (B) 


Coefficient of Permeability 
Approximate Boring x 10-4 cm/sec 
Stratum and No. of 10 85 No. of ky) Av. (kg 
Elevation Sampler. Samples _mp mm. Samples l[ab. Field 


0 to - 70 LS-2 (Ss) 9 0.15 0.32 215 alos 
L-8 (s) 12 0.15 0.31 2kho 560 
WB-1 0.16 0.32 180 --- 


-80 to LS- 0.25 0.54 720 
0.25 0.52 590 680 
0.26 0.56 360 


-103 to -116 0.34 1.0 


0.35 2.2 


the sand, and to careful sampling of the material brought out in the bailer. 
However, it is pointed out that although little difference was found in the 
laboratory permeabilities of the Shelby tube and bailer samples, some of the 
sand grains smaller than the No. 100 sieve appear to have been lost from the 
bailer samples (see grain-size curves for borings LS-2, L-8, and WB-1, 

fig. 5). 

Where the grain size of sand strata varies appreciably with depth or 
where the sands are more widely graded, samples obtained with either a pis- 
ton or flap-type bailer are not as representative as those obtained with a 
split-spoon or Shelby tube sampler. 

Although there was considerable variation in the permeability as mea- 
sured by the pumping tests within a given sand stratum of the same classifi- 
cation, a definite general relationship exists between classification (or D jg) 
and ky. As would be expected in the alluvial valley of the Mississippi River, 
permeability generally increased with depth at the sites of the test wells. 

Although the permeability of the bottom strata in well H-151A computed 
from the field pumping tests was somewhat lower than that of the upper strata, 
the actual permeability of the bottom strata is probably as high as the strata 
immediately above. The apparent lower permeability is probably explained 
by the fact that the well screen did not completely penetrate the bottom strata 
for this well and thus there was less flow into this portion of the well screen 
than there would have been if the screen had completely penetrated the bottom 
strata. 

Pumping tests on wells H-151A and FC-105, and other wells installed 
from St. Louis south for 100 miles, show the principal sand aquifer in the 
alluvial valley of the Mississippi River to have a permeability (ky) ranging 
from about 1000 x to 3000 x 10-4 cm/sec. Pumping tests in the alluvial 


1142-8 
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valley at Commerce? and Trotters,8 Mississippi (approximately 38 and 70 
river miles, respectively, south of Memphis) showed the principal sand aqui- 
fer at these sites to have a ky of 700 and 1200 x 10-4 cm per sec, respective- 
ly; pumping tests at Wilson Point, Louisiana,? approximately 58 miles north 
of Vicksburg, Mississippi, indicated a ky of 600 x 10-4 cm per sec, whereas 
at Old River (well OR-1 approximately 45 miles south of Natchez, Mississip- i 
pi) ky equals about 600 x 10-4 cm/sec. This gradient of permeability down 
the Mississippi River Valley is in conformance with the normally associated 
grading in an alluvial stream such as the Mississippi. 
The coefficients of permeability as determined in the laboratory on re- 
molded samples are plotted at appropriate elevations on the bar graphs of 
figs. 2, 3, and 4. In general, little agreement was found between the perme- 
abilities as determined in the laboratory on remolded samples and obtained 
from the field pumping tests. Of course, there is no reason why the perme- 
abilities should agree, particularly where the aquifer is stratified and lenses 
of coarse sand and fine gravel exist. Generally, the field permeabilities for 
any given stratum exceeded the permeability as normally determined in the 
laboratory by two to four times. 
Plots of effective grain size versus coefficients of permeability as deter- 
mined in the laboratory on remolded samples and from pumping tests on ap- 
proximately 100% penetrating well screens are shown on fig. 10. (The Djg 
used in the plot for the pumping test is the average Djg for the specific 
stratum tested.) A great deal of scatter of the points is apparent for both Yr 
sets of curves. No attempt was made in this study to relate the permeability 
as measured in the laboratory or field to the uniformity or shape of the grain- 
size curve. However, it is known that for the same Djg the wider the grada- 
tion of a given sand sample the lower its permeability. On the other hand, 
some of the widely graded grain-size curves plotted on fig. 5 really represent 
a mixture of alternating strata of fine or medium sand and coarse sand or 
fine gravel, and such deposits may have quite high horizontal coefficients of 
permeability. 
The graphs on fig. 10 are not considered particularly accurate but the 
graph showing the relation between Djg and field permeability (ky) may be of 
use, in the absence of pumping test data, to engineers concerned with seepage, 
water supply, or irrigation problems in the Mississippi River Valley. 


SUMMARY AND CONCLUSIONS 


Laboratory tests on remolded sand samples, regardless of how the sample 
was obtained, do not give reliable coefficients of permeabilities for estimat- 
ing the seepage or water carrying capacity of sand strata in the Mississippi 
Valley. 

In uniform sand deposits, reasonably reliable samples, as far as grain- 
size characteristics go, can be obtained with either a Shelby tube, split-spoon 
sampler, or bailer, or even from the effluent of a reverse rotary well rig, 
provided the sampling is properly done. However, some sand grains smaller 
than a No. 100 sieve may be lost in bailer sampling or in the effluent from a 


9. “Field Permeability Tests—Commerce Landing, Mississippi, and Wilson 
Point, Louisiana.” T.M. No. 3-299, dated August 1949, Waterways Experi- 
ment Station, CE, Vicksburg, Miss. 
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reverse rotary well rig. For stratified deposits or where the sands are more 
widely graded, a Shelby tube or split-spoon sampler should be used. 

The most accurate procedure for determining the permeability of indi- 
vidual strata of a sand aquifer is considered to consist of a pumping test of a 
well with the screen penetrating all of the sand strata, and measurement of , 
the flow with a well flow meter at strata changes within the well screen, as 4 
described in this paper. The changes in strata may be determined by a near- 
by boring in advance of the test, or logged as the hole for the well is advanced. 

The permeabilities of sand aquifers in the Mississippi River Valley may , 
be reasonably estimated from the relation between Djg and ky given in fig. 10. 


NOTATIONS 


Coefficient of permeability in a vertical direction 


ky Coefficient of permeability in a horizontal direction 


q Flow into test well from a specific sand stratum 


d Thickness of a specific sand stratum 


rj Distance from well to point of drawdown observation (hr-1) 


r2 Distance from well to point of drawdown observation (hy_9) 


hr-1 Drawdown from initial water table at point rj 


hr-2 Drawdown from initial water table at point rg 


Di9 Effective grain size, 10% of grains smaller than stated size 


Dg5 Grain size, 85% of grains smaller than stated size 


kj, Coefficient of permeability of remolded samples as determined in the 
laboratory 


kR-n Coefficient of permeability of remolded samples as determined in the 
laboratory adjusted to estimated natural void ratio 


Estimated natural void ratio 


Void ratio of sample tested in laboratory 
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Figure 1. Well flow meter and 38-inch I.D. wooden well screen 
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SEEPAGE THROUGH FOUNDATIONS CONTAINING DISCONTINUITIES* 


Elbert E. Esmiol,! A.M. ASCE 
(Proc. Paper 1143) 


SUMMARY 


Case histories concerning seepage from four Bureau of Reclamation dams 
and reservoirs emphasize that materials forming foundations and abutments 
for hydraulic structures and reservoir floors may be disrupted by discon- 
tinuities. These depositional, erosional, and structural forms are often 
masked by surficial geological conditions, making identification difficult. As 
a result, the character of the foundation and reservoir basin may be dis- 
closed only after the structure is placed in operation. In such cases, the 
possibility of seepage assumes the status of a calculated risk that may con- 
tinue during the operational life of a structure, even though the best available 
engineering procedures are used to determine foundation conditions and to 
design for seepage. 


INTRODUCTION 


It has been Bureau of Reclamation experience that most of the difficulty 
associated with properly designing for and controlling seepage is due to the 
fact that most dams are located on foundation discontinuities. These discon- 
tinuities, found at virtually all dam sites, often impose unknown errors on the 
assumptions required in the analysis of seepage problems. Consequently, the 
degree of reliability of accepted methods for designing for seepage depends 
almost entirely on the accuracy with which foundation conditions have been 
delineated. 

Frequently, even with extensive preconstruction investigations, these 


Note: Discussion open until June 1, 1957, Paper 1143 is part of the copyrighted Journal 
of the Soil Mechanics and Foundations Division of the American Society of Civil Engi- 
neers, Vol, 83, No. SM 1, January, 1957. 

a. Presented at the Annual Meeting of the ASCE, October, 1954, New York, 

1. Civ. Engr., Bureau of Reclamation, U. S. Dept. of the Interior, Denver, 
Colo. 
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natural variations in foundation conditions at a site are undetected. They 
may remain undetected during construction and become apparent only after 
the structure becomes operational. In the belief that recognition of foundation 
discontinuities is especially important to solution of seepage and water-loss 
problems, cases of Wickiup Dam, Granby Dikes No. 1, 2, and 4, Enders Dam, 
and Mc Millan Reservoir are presented. The histories include a geological 
description of the site, available properties of the foundation material, data 
on seepage, and remedial measures, 


Foundation Discontinuities 


Foundation discontinuities, as applied to seepage, are irregularities or 
changes in the character of materials found in the ground that provide a route 
of east movement of water from the reservoir. Discontinuities have been 
arbitrarily placed in depositional, structural, and erosional groups, depend- 
ing upon the factors exerting the greatest influence. Commonly, factors of 
more than one group may develop a discontinuity making classification diffi- 
cult. However, with careful study of site conditions, anomalies can be satis- 
factorily classified for reference and identification purposes. 

Depositional discontinuities are variations in materials caused by pro- 
cesses of deposition. Deposition influences the porosity of the virgin deposit 
by altering the amount and distribution of the particle sizes, initial soil struc- 
ture, and the type of material deposited. Depositional discontinuities occur in 
unconsolidated and consolidated materials. Variations in porosity are com- 
monly recognized as changes in soil structure, as changes in the sequence of 
strata, stratification, lamination, varving, interlensing, stringers, interflow 
zones, cross-bedding, and as variations in cementation. Deposits of soluble 
solids, where they occur, contribute significantly to seepage problems. 

Structural discontinuities are developed by stresses. Structural forms ad- 
versely affecting seepage superimpose an interconnected system of planar 
openings on the mass that tends to increase the perviousness. Zones may 
coincide with the ground surface or may have any other attitude. In soils, 
these may take the form of desiccation cracks, changes in soil structure, 
shear zones, or fracture zones. In rocks, structural forms are often recog- 
nized as variations in the attitude of strata, faults, fractures, joints, breccia 
zones, and shear zones. Usually, structural forms aggravate the weaknesses 
developed by deposition. However, joint or fault systems may be filled with 
impervious material. 

Erosional discontinuities are developed by forces which wear away or re- 
move material. These discontinuities may be superimposed over the others 
or exist separately. Since they are normally developed along incipient zones 
of structural weakness, they may be obscured by subsequent geological activi- 
ty. Common anomalies have been described as filled, ancient stream 
channels and solution channels. 


Wickiup Dam 


Wickiup Dam and Reservoir, located on the Deschutes River about 10 
miles west of Lapine, Oregon, is a zoned rolled-earth dam. Maximum height 
above stream bed is about 95 feet. The dam contains 1,852,000 cubic yards of 
earth and rock. The main dam was constructed in the period from 1939 to 
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1942; the wing dam section was raised about 1949. Refer to Figure 1. 

In the area, interbedded and interlensed basalts and tuffbreccia are over- 
lain by gravels, sands, clays, and pumice mixed with diatomite and basalt 
boulders which were deposited in a large lake basin. The basalts are general- 
ly red-brown to black, amygdaloidal, fissured, fractured, and faulted. In the 
stream channel, the basalt bedrock was badly shattered and partially decom- 
posed. Rock fragments are bonded together by residual clay. 

On the left abutment, (Figure 1), the basalt is overlain by black plastic 
clay mixed with diatomite, some black sand and pumice; gravel and sand; 
sand and pumice; sand, gravel, and pumice; and pumice. In the reservoir 
area, Figure 2, the basalt is covered successively by an undetermined thick- 
ness of tuff-breccia, a red-brown clay, or clayey silt with occasional large 
rock blocks and loose pumice. On the right abutment, Figure 1, the basalt 
was covered by 10 feet of pumice, sand, and gravel. 

Preliminary foundation investigations included 58 test pits and 3 diamond 
drill holes. Prior to design, an additional 21 test pits, 7 auger holes, and 2 
trenches were dug in the foundation area. Test pits were spaced 200 feet 
apart on the axis of the wing dam. Water-loss tests performed by filling test 
pits when they had been dug to the proper depth indicated that the gravels 
were very pervious and that pumiceous materials were less pervious than the 
gravels. Exploration indicated that an impervious stratum (clayey silt) of 
variable thickness blanketed the reservoir basin. From the foregoing, it was 
concluded that losses from the reservoir would not be excessive. However, 
because the pumice mantled the area, fissured zones in the clayey-silt stra- 
tum, Figure 2, were not discovered until the reservoir was placed in opera- 
tion. The continuity of the gravel stratum, Area F, Figure 2, was not fully 
known until the upstream borrow area was opened. 

Seepage from Wickiup Reservoir is readily divisible into that beneath the 
wing dam and that from the reservoir basin. Seepage through the main em- 
bankment and its foundation is small; hence, use of shallow cutoffs, thorough 
foundation cleanup, careful bonding of the embankment to the foundation and 
toe drains were adequate seepage control measures for the clay-filled frac- 
tures in the partially decomposed basalt. 

Although partial reservoir filling started in December 1942, seepage did 
not become noticeable near the wing dam until 1945 and did not become seri- 
ous until 1948 when the reservoir reached elevation 4336. In 1948, approxi- 
mately 350 acres of timber downstream from the wing dam were flooded. 
Seepage recorded at Weir No. 7 for 1950 to 1953 is shown on Figure 1. 
Examination of the weir discharge versus reservoir elevation shows that the 
seepage increases rapidly when the reservoir rises above elevation 4310 
which coincides with the base of the gravel stratum from about Station 35 to 
Station 90, Figure 1. Data fronr rows of observation wells, as far as 4.000 
feet downstream, substantiate the conclusion that flow is primarily through 
the gravel in this area. An average coefficient of permeability of about 
200,000 feet per year is estimated for the gravel stratum. No piping has 
developed. 

Installation of the drainage ditch and additional toe drains, Figure 1, dried 
the area downstream. Much of the seepage in this area might have been pre- 
vented if the gravel borrow area had been placed downstream, or if the ex- 
posed gravels had been blanketed. The position of the less pervious pumice 
and pumice, sand, and gravel layers is fortuitious since these strata function 
as a partial blanket. Location of the leaks in the reservoir area and their 
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esiimated flows are shown in Figure 2. Note that leak Areas A, B, and C are 
on lines trending northwest-southeast which indicate a fault system with this 
general strike. Though water loss from these leaks was large, outlets or 
springs have not been located, to date. 

Area D leaks, two holes 400 feet apart on a line trending north from Davis 
Mountain, were discovered in 1945 when the reservoir was drawn down to 
elevation 4297. Considerable surface cracking was associated with the 21- 
inch vertical displacement of a north-south trending fault. In the vicinity, 

4 feet of pumice and 15 inches of brown clayey silt covered fine-grained, im- 
pervious lake sediments of unknown thickness. Maximum loss was estimated 
as 50 cfs. 

In May 1948, Areas A, B, and C were discovered along the shoreline adja- 
cent to Davis Mountain. Area B, Figure 2, was flowing 350 cfs when dis- 
covered. This volume of water had eroded a channel from 3 to 10 feet wide 
at the surface and funnel shaped downward an undetermined distance along a 
fault which had a vertical displacement of 3 feet, and a horizontal displace- 
ment of 20 inches. In the vicinity, 4 feet of grayish pumice and about 25 feet 
of impervious red-brown clayey silt mixed with sand, gravel, and boulders 
covered coarse-grained, yellow, tuff-breccia of undetermined thickness, but 
exceeding 80 feet. Pumice adjacent to the hole had consolidated as much as 
2 inches. The main leak was supplemented by a series of pot holes parallel 
to and on line with the main hole and extending into the reservoir. Water 
flowed vertically downward through this series of pot holes and disappeared 
into the open fault. 

In contract Area C, Figure 2, water escaped over nearly 4 acres. Appar- 
ently, the impervious stratum was disturbed sufficiently to allow water to 
flow away from the reservoir toward Davis Mountain. Throughout the area, 
cracks 1/8- to 1-inch wide were discovered, but no definite trend could be 
established. At Area A, cracks were observed over nearly an acre. Pot 
holes, all above shoreline, were cone shaped. Areas A and C probably repre- 
sent initial development of leaks that was carried to completion in Area B. 

In Area E, near the east dike, general subsidence occurred over a large 
cracked area. Local settlements were as great as 5 feet. One large hole, 30 
feet deep, was carrying 40 to 50 cfs when discovered. Geology is similar to 
the other areas. 

All debris was cleaned from the pot holes and channels. The pumice layer 
was removed to the impervious stratum. The fault gaps were closed by sluic- 
ing or by dumping gravel and boulders into the openings. An impervious 
blanket, 3 to 6 feet thick, was compacted over the entire area. The blanket 
was rolled to 6-inch layers. At Area B, a cofferdam was constructed be- 
tween the reservoir and the hole before remedial construction proceeded. 
This method has been very successful in sealing the leaks and significantly 
reducing water loss from the reservoir. To date, new holes have not de- 
veloped in the treated areas, although at Area D some settlement was noted 
adjacent to the pot hole. 

Wickiup Reservoir is a good example of the effect of geological discontinui- 
ties on seepage. In the wing-dam area, a continuous though relatively thin 
stratum of sand and gravel beneath the dam contributes as much as 38 cfs to 
seepage losses. Disruption of soil cover inside the reservoir area was 
allowed in order to avoid a borrow area outside the reservoir basin. Judging 
from performance, a cutoff to the clay stratum installed during construction 
may have been more desirable than the subsequent drainage installation. 
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Leakage from the reservoir basin proper was through faulted or fissured 
areas in the clay seal that remained undetected beneath the pumice cover in 
spite of preoperational investigations. Such a condition must be recognized 
as a calculated risk. Experience at Wickiup Reservoir suggests that constant 
vigilance should be maintained at operating reservoirs in similar geologic 
environments. 


Granby Dikes No. 1, 2, and 4 


Dikes No. 1, 2, and 4 are located in saddles on the southwest portion of 
Granby Reservoir, about 5 miles northeast of Granby, Colorado. These dikes 
are zoned rolled-earth structures. Maximum height is 78 feet above original 
ground surface and 98 feet above the cutoff trench on Dike No. 1. Crest 
length is 4,430 feet. A total of 938,209 cubic yards of earth and rock form 
the dikes. Granby Dam and dikes were constructed in the period from 1946 
to 1949. Refer to Figure 3. 

In the area, recent deposits of stream gravels, slope wash, talus, morainal 
deposits, and lacustrine deposits cover the North Park formation which may 
overlie basalts, granites, gneisses, and schists. Numerous faults are found 
in the area, but the traces have been partially obliterated by subsequent 
glacial activity that caused development of at least three channels which were 
later filled. During the glacial period, the present reservoir basin was prob- 
ably occupied by a lake on at least three different occasions. 

Eighteen test pits, dug to a depth of 20 feet, disclosed fine-grained sand- 
stone, siltstone, and claystone which, though jointed, appeared impervious. 
Properties of the undisturbed siltstone samples from the site of Granby 
Pumping Plant, about 2-1/2 miles north of the dikes, are shown on Table L 


TABLE I 
rt a F 


Range 


:Dry unit weight -—- 106.9 to 118.0 pounds per 
cubic foot 

:Moisture content -- 13.3 to 18.9 percent 

: 

:Compression at 139 psi -- 0.79 to 0.94 percent 


:Permeability -- 0.02 to 0.05 feet per year 
F (Packer tests in drill 

3 holes indicated only 

: moderate water loss) 


:Poisson's ratio -- 0.095 to 0.162 


:Modulus of elasticity -- 3,330 to 7,826 psi 


:Tangent of the angle of-- 0.62 to 1.25 
internal friction 


:Cohesion -- 7.4 psi to 26.0 psi 
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; Petrographically, the North Park formation is jointed, friable, gray to brown 


siltstone and sandstone with fine to medium sand grains of quartz, feldspar, 
and volcanic glass in a matrix of clay-and-silt-sized particles. Originally, 
it was classified as a hard clay or sandy clay. Preconstruction investigations 
‘ indicated that the reservoir would be amply tight since it had previously been 
occupied by lakes. The North Park was believed to be sufficiently competent 
to support the dam, and impervious enough for an adequate water barrier. 
Upon opening the cutoff trench, it was found that the rock dipped 13 to 16 
degrees west, was badly jointed and fractured, and contained arkosic sand 
and gravel stringers. Unfilled joints, both parallel and perpendicular to the 
bedding planes, were a maximum of 2 inches wide. The width of the joints 
. decreased with depth, indicating that surface weathering was responsible for 
their development. As a consequence, the cutoff trench was deepened about 
19 feet through the more fractured material. At this time, it was recognized 
that further remedial measures might be necessary due to the condition of the 
rock. 
Twenty-five diamond drill holes, varying in depth from 36 to 201 feet, 
which were drilled in 1951, for seepage investigations, defined Section *A-A” 


~ Figure 3. Holes DH-B, DH-C, DH-M, and DH-N established the location of 
the buried channel under Dike No. 1. The bore-hole information verified 

i opinions derived from surface settlement observations that softer material 

existed under this portion of Dike No. 1. To date, settlement in this area is 
a 0.57 foot. Holes DH-E and DH-C indicated similar channels beneath Dike 
7 No. 2. Channel filling is primarily soft silt and clay similar in color and 


grain size to the North Park formation. Fragments of wood were found at 45 
feet in Hole DH-B. As shown on Figure 3, the fractured zone paralleled 
roughly the ancient erosion surface and varied from 25 to 80 feet in thickness. 
Water loss in the fractured zone varied from 6 to 18 gpm for packer tests, 
and 6.5 to 70.7 gpm for gravity tests in a 3-inch-diameter hole. 

The seepage below Dikes No. 1, 2, and 4, Figure 4, was first noticed 
January 7, 1951, at Spring No. 4—probably an old intermittent spring--eleva- 
tion 8190, 1,000 feet downstream from Dike No. 1. Water-surface elevation 
was about 8200. Minimum possible distance for the seepage path was about 
3,000 feet. Flow was estimated at about 0.4 cfs. It was apparent that flow 
was passing beneath the cutoff trench. In rapid succession, Springs No. 3 
through 8 developed. Reservoir water-surface elevation remained near 8200. 
As the water surface raised, flow from natural Springs No. 1 and 2 increased, 
and Springs No. 9 and 10 developed. Note the change in slope of the time- 
seepage curve about June 20, 1951, indicating that a new seepage channel had 
been added to those existing prior to this time. Another channel was added 
when Spring No. 11 developed early in July. Initially the water issuing from 
the springs was slightly muddy. Later, no evidence of suspended or dissolved 
” solids could be found. 

Small dikes were constructed around individual springs and flow measured 
ry by weirs. Total flow was measured at a Parshall flume about three-fourths 
of a mile downstream. Seepage increased steadily to 7.15 cfs until August 
1951 when grouting became effective, whereupon, seepage decreased gradual- 
ly at nearly a constant head to about 3 cfs. Estimates of probable maximum 
seepage at water-surface elevation 8280 ranged from 15 to 30 cfs. As shown 
in Figure 4, when the reservoir was raised to elevation 8277 in 1952, maxi- 
mum seepage was only 5.4 cfs. In 1953, with the reservoir at elevation 8278, 
maximum seepage was 4.8 cfs. 

The rapid development of springs under comparatively low head, and the 
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additional information supplied by the seepage investigation indicated that 
additional remedial measures were necessary. Accordingly, grouting treat- 
ment, visualized after the cutoff trenches were opened, but delayed until 
seepage developed because it was felt that necessary grout pressures would 
increase the spaces between joints, was started June 15, 1951. Grouting was 
completed on July 25, 1952. A continuous grout curtain was established from 
the right abutment of Dike No. 1 to the left abutment of Dike No. 2. A total of 
99,342 sacks of cement was placed. Average take was 2.77 cubic feet of grout 
per linear foot of hole. The curtain was closed out on 2.5-foot center holes. 
Grout take on 20-foot center holes was 5.31 cubic feet per linear foot of hole; 
and on 2.5-foot centers, 0.51 cubic foot per linear foot of hole, indicating a 
satisfactory curtain had been established. Holes were drilled vertically to a 
maximum depth of 201 feet. Post-grouting drilling indicated that an effective 
water barrier, about 40 feet wide, had been established to a depth of about 70 
feet below the cutoff trench. Approximate outlines of areas of greatest grout 
take are shown on Figure 3. 

The history of seepage at Granby Dikes No. 1, 2, and 4 provides a good 
example of complex, interrelated, depositional, structural, and erosional dis- 
continuities undiscovered in the preconstruction investigations. The stringers 
of pervious sands in the North Park formation, a joint system opened primari- 
ly by an ancient weathering cycle, the filled ancient channels, and probably 
faulting controlled the paths of seepage. 

Primarily, seepage was through the fracture zone. Initially, flow was 
through the lower extension of the fracture zone beneath Dikes No. 1 and 2. 
As the reservoir approached elevation 8220, a larger portion of the zone be- 
came accessible to reservoir waters and seepage increased sharply. Grout- 
ing was effective in sealing the larger openings in the North Park formation. 
However, subsequent observations indicate that sand stringers in the forma- 
tion and smaller joint openings are sufficiently numerous and interconnected 
to furnish paths for seepage. 

Judging from the record, the seepage problem was treated in accordance 
with the best engineering procedures to insure the least risk to the structure. 
It would have been more desirable to have diamond drilled the foundation to 
considerable depth. However, even with this precaution, it is doubtful that all 
the discontinuities in the foundation would have been disclosed. The experi- 
ence at Granby dikes suggests strongly that an intensive exploration program 
may not delineate all the characteristics of a foundation, and that surface 
manifestations when applied to subsurface conditions may be misleading. 


Enders Dam 


Enders Dam, across Frenchman Creek about 2-1/4 miles south of Enders, 
Nebraska, is a rolled-earth structure 103 feet high above stream bed and 
about 143 feet high above the bottom of the cutoff trench, at maximum section. 
Crest length is 2,570 feet. The structure, constructed in the period from 
1947 to 1950, contains 1,473,605 cubic yards of earth and rock. 

In the area, uplands are capped with Peorian loess which covers the 
Pliocene Ogallala formation which, in turn, overlies the Pierre shale. On the 
valley slopes, talus from the Ogallala formation is mixed with the loess. In 
the valley floor, stream alluvium, fine sand, pea gravel, some organic silt, 
and swamp muck cover the Ogallala formation. The Ogallala formation 
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consists of poorly consolidated, uncemented to cemented lenticular beds of 
calcareous sandstone, siliceous sandstone, silty sand, clean sand, silty or 
clayey sand, silt, and clay. At the site, the Ogallala formation dips about 1/2 
degree northeast. 

Preconstruction exploration of the foundation included 8 drive-sample 
holes, 24 diamond-drill holes, 29 power-auger holes, 22 hand-auger holes, 3 
shafts, 3 trenches, and 12 test pits. This investigation showed that 3 to 8 feet 
of talus and loess material covered 3 to 30 feet of fine sands overlying bed- 
rock in the stream channel. Known geology of the Ogallala formation, lenticu- 
lar arrangement of strata, prevalence of fine-grained, silty-clay material, 
and cemented strata fostered the belief that the permeability of the foundation 
would be low and that no unusual erosional forms existed. 

Subsequent study of foundation conditions, which included mapping excavat- 
ed areas, additional laboratory testing, review of pore-pressure and settle- 
ment data, and an additional 24 drive-sample holes, 65 diamond-drill holes, 
79 power-auger holes, 29 hand-auger holes, 2 shafts, and 4 drain wells 
proved that 7 pervious, continuous sand zones existed in the foundation and 
the abutments as shown on Figure 5. An ancient stream channel filled pri- 
marily with medium to coarse sand and fine gravel was defined. A zone of 
cemented, impervious Ogallala material extended from about Station 43+00 
to about Station 38+00. Lower limit of the cemented zone is about elevation 
2990. 

Sand zones are continuous stratum of sand and partially to completely 
cemented sandstones. Sands are brown to gray, calcareous, clean to dirty, 
well to poorly graded. and crossbedded. The subround particles vary in size 
from fine sand to fine gravel. Quartz and micas are the dominant minerals. 
Sandstones are discontinuous, coarse- to fine-grained, gray, cemented with 
calcium carbonate, hard to soft, and 6 inches to 4 feet thick. Field perme- 
ability in the spillway area varied from 35 to 185,000 feet per year. Natural 
unit dry weight of these sands ranged from 96.4 to 101.9 pounds per cubic 
foot. Specific gravity was 2.62. 

Sand zones are separated by silty fine sand, silt, or clay strata. Silty 
sands are light brown to gray, calcareous and cross-bedded. Silts are chalky, 
brown, and contain thin sand seams. Clays are moderately plastic, brown, 
red, or gray, sandy, and slightly calcareous. In-place dry unit weight ranged 
from 66.2 to 95.8 pounds per cubic foot; natural moisture content, 25.5 to 
50.9 percent. Compression at 100 psi averaged about 7 percent. Laboratory 
permeability varied from 0.06 to 3.85 feet per year. Specific gravity was ; 
about 2.65. Sand Zones A through E, inclusive, and the cemented area were 
identified during construction. Sand Zones F and G and the ancient stream 
channel were discovered during seepage investigations. 

The thalweg of the ancient stream channel, Figure 5, is approximately at 
elevation 3000. The channel is filled with loose, medium sands to fine gravels 
to about elevation 3030 and is contiguous with sand Zones D and E in the left 
abutment. The gravels are overlain by silty fine sands, silts, and organic 
silts. The permeability in the channel, as determined from field permeability 
tests, varied from 900 to 255,000 feet per year. 

The altered concept of foundation conditions during construction made 
changes in the foundation treatment design necessary. Accordingly, the cut- 
off trench was deepened and extended up the left abutment. Abutment cutoffs 
were provided through sand Zone C. The upstream channel blanket was con- 
structed. The upstream and downstream toes were flattened by placing 
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stream at Station 43+00 


TABLE II 
Seepage Chronology--Enders Dam 
: Reservoir : 
8 Date : elevation : urrence H 
: October 1, 1950 : 3045 : Started filling 3 
: October 23, 1950 : 3053 : Closure : 
: November 7, 1950 : 3060 : Seepage into stilling $ 
: November 22, 1950 : 3060 : 8-inch toe drains flowing : 
: February 1, 1951 : 3085 : Water at elevation 3053.8 : 
in terminal well at 
Station 49+00, 190 feet 
: March 13, 1951 : 3089.5 +: Capillary water in Kenny 8 
: yard--Sand boils near 
3 3 : left abutment toe drain : 
8 8 : Refer to Figure 5 8 
: May 5, 1951 : 3094 : Small cave-in about 190 3 
: feet downstrean— 
3 3 Station 43+00 
3 
: May 23, 1951 : 3098 : Saturated area behind : 
: control house--Some 
g 3 : sloughing of embankment : 
: June 3, 1951 : 3100.5 : Sediment analyses of toe 3 
: drain discharge initiated : 
: July 18, 1951 : 3103 : Sand boils noticelin outlet : 
: discharge channel 
: October 2, 1951 : 3105.6 +: Seepage water on left 8 
: abutment downstream 
: October 21, 1951 : 3107 : A new large sand boil : 
: near upper end of open 
: drain 3 
: December 3,1951 : 3110 + Cave-in 190 feet down- : 
: 
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impervious waste from required excavation. Details are shown on Figure 5. 

The manifestations of the seepage at Enders Dam are shown in Table II 
and on Figure 6. 

As the seepage developed, pore pressure and ground-water level data in- 
dicated that a large component of seepage flowed through the left abutment 
and parallel with the downstream toe, as shown on Figure 7. Subsurface in- 
formation disclosed that sand Zones D and E coincided with the stream 
gravels adjacent to the left abutment. These sands have average permeabili- 
ties of 107,000 to 255,000 feet per year, the highest determined in the site 
area. Measured seepage data (Figures 5 and 6) shows that about 30 percent 
was flowing through the left abutment; about 10 percent through the right 
abutment beyond the spillway; and the remainder beneath the dam and spill- 
way. At normal water surface, maximum measured seepage beneath the dam 
and spillway was 11 cfs; estimates based on the flow net method of analysis 
indicated about 8 cfs where the average permeability was assumed as 80,000 
feet per year. Interpretation of foundation conditions supported by observed 
seepage phenomena and flow net analysis lead to the conclusion that the still- 
ing basin area and the upstream portion of the drainage ditch were critical 
areas. Refer to Figure 5. 

Flow from 8-inch toe drains No. 3 and 4 removed an estimated 40 cubic 
yards of fine material in the area adjacent to the upstream end of the drain in 
the period from June 5, 1951, to May 1, 1952, as shown on Figure 6. Un- 
doubtedly, more material was removed before sediment analyses were 
initiated. 

Revaluation of subsurface and seepage data suggested that further remedi- 
al measures were necessary. Test Shaft No. 1 of 54-inch inner diameter con- 
crete pipe was sunk 36 feet to the upstream end of Drain No. 3 and a filter 
constructed around the open end of the drain. A 24-inch perforated, graded, 
gravel-filled pressure relief well was extended an additional 10 feet to the 
top of the Ogallala formation. After construction of the shaft, sediment was 
not found in the effluent from the toe drain. 

To control the sand boils, a filter of graded gravel about 3 feet thick was 
dumped over the boils. Maximum particle size was about 2 inches. 

Prior to the seepage investigation period, an open drainage ditch had been 
constructed as shown on Figure 5. The ditch was originally excavated on 1:1 
side slopes and a bottom width of 3 feet. Depth varied from 3 to 5 feet. Ero- 
sion widened the ditch and flattened the slopes toward the left abutment. As 
further drainage measure, 830 feet of 12-inch-diameter interlocking porous 
concrete pipe was installed approximately parallel with the 3,060-foot contour 
with an arm extending to the open ditch. The drain is 4 to 9 feet below the 
ground surface, and is protected by a minimum of 12 inches of graded sand- 
gravel filter. 

To stabilize the left abutment area, drain Wells No. 3 and 4 were placed, 
as shown on Figure 5. The wells extend 60 and 62 feet to the Ogallala forma- 
tion. They are 24-inch-diameter perforated sheet- metal well-casing sur- 
rounded by a minimum of 6 inches of graded sand-gravel filter, and protected 
from corrosion by magnesium anodes. Flow is removed by the open ditch. 
Drain Well No. 2, constructed to determine permeability of the channel sands, 
is similar except no anodes were installed. This well is incorporated in the 
drainage system. Flow from the wells and the abutment drain is shown on 
Figure 6. 

The case of Enders Dam is an example of depositional and erosional dis- 
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continuities. Sand zones (geologic lenses) persist for the full width of the 
dam and coincide with the gravel in the ancient stream channel creating a 
relatively narrow, natural artery through which seepage can flow. On the 
other hand, the cemented zone in the right abutment forms a partial cutoff 
restricting seepage in this area. Such anomalies are difficult to recognize 
from bore-hole data because minor changes in materials occur within rela- 
tively short distances, making correlation difficult. Judging from the history, 
a cutoff trench to be effective must cutoff completely pervious materials. 
Theoretical analysis of the seepage yielded an estimate close to the observed 
values, but did not indicate that a large percentage of the seepage would be 
concentrated in a relatively narrow zone, until after the position of the per- 
vious sands adjacent the left abutment had been delineated. 


McMillan Reservoir 


Mc Millan Reservoir, on the Pecos River 14 miles northwest of Carlsbad, 
New Mexico, is formed by an earth and rockfill dam with a maximum height 
of 48 feet, and two dikes each with a maximum height of 21 feet. Total crest 
length of the structures is 12,019 feet. The main dam was built in 1893 by 
private interests; the existing structures were last rehabilitated by the 
Bureau of Reclamation in 1937. 

A cliff bordering the east side of the lake is primarily anhydrite and 
gypsum with thin interbedded strata of dolomite, limestone, and sandstone of 
the Permian Chalk Bluff formation. These rocks are present to an undeter- 
mined depth beneath the flow line of the reservoir and probably extend under 
the greater part of the storage basin. Much of the gypsum has been carried 
away in solution leaving an interconnected system of caverns developed along 
joint and bedding planes. The caverns extend beneath the reservoir down the 
dip of the rock. At low-water stages, some of the cavern openings are sealed 
at the surface by sand, silt, and debris. The seal often is destroyed as soon 
as the reservoir builds up sufficient head. 

Though there are gaps in the seepage record, yearly records of inflow and 
outflow available for a reservoir elevation of about 3262, a maximum head of 
about 24 feet, suggest strongly that leakage is increasing, Table III. 


: TABLE III 


Water Loss-McMillan Reservoir 


: Year : 1912 : 1922 : 1936 : 1939 


: Reservoir Elevation : 3263.8 : 3260.2 : 3263.2 : 3262.2 


: Mean loss, cfs 178 


: Mean loss, 3 23.2 
acre-ft/acre of : : 
reservoir 
submerged 


The loss in acre feet per acre is especially significant since it indicates en- 
largement of the cavities by solution. The decreased leakage in 1939 is due 
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to the fact that some of the solution channels were plugged. Most of the loss 
is adjacent to the east side of the reservoir where the soil cover is relatively 
thin. McMillan Reservoir provides an example of depositional and structural 
discontinuities where seepage paths are available for removal of material in 
solution. Such a condition resulted in progressively higher water loss. 
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Journal of the 
SOIL MECHANICS AND FOUNDATIONS DIVISION 


Proceedings of the American Society of Civil Engineers 


STABILIZATION OF AN ORE PILE BY DRAINAGE 


Karl Terzaghi,! Hon. M. ASCE, and Ralph B. Peck,2 M. ASCE 
(Proc. Paper 1144) 


ABSTRACT 


Instability of the track supporting one end of an ore bridge ina steel plant 
was caused by excess porewater pressure in a layer of silt. A successful 
permanent system of vacuum well points was installed after preliminary field 
tests demonstrated the feasibility of draining the silt in this manner. 


INTRODUCTION 


This paper deals with the instability of the track supporting one end of an 
ore bridge in a steel plant in eastern Ohio. The instability was caused by ex- 
cess porewater pressures in a layer of silt. The scope of the discussion in- 
cludes the method of investigating the hydraulic conditions, the remedial 
measures adopted, and the observations made to determine the effectiveness 
of the remedies. 


Description of Facilities 


The steel plant is located in the valley of the Mahoning River on ground 
sloping gently upward from the east toward the west (Fig. 1). The ore storage 
yard is an area approximately 1200 ft long and 300 ft wide oriented in a north- 
south direction. During the summer, iron ore is piled in the area to heights 
of approximately 50 ft in order to provide a sufficient supply of ore for the 
blast furnace during the winter months when shipping is closed on the Great 
Lakes. The material in the yard is handled by means of a gantry crane or ore 
bridge spanning the ore yard in a east-west direction. The crane can be 
moved from north to south on two sets of rails, one along each side of the 
yard. 


Note: Discussion open until June 1, 1957. Paper 1144 is part of the copyrighted Jour- 
nal of the Soil Mechanics and Foundations Division of the American Society of Civil 
Engineers, Vol. 83, No. SM 1, January, 1957. 

1. Prof., Civ. Eng., Harvard Univ., Cambridge, Mass. 

2. Research Prof., Soil Mechanics, Univ. of Dlinois, Urbana, Ml. 
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The storage yard has been in operation for more than 30 years. From 
time to time it has been enlarged by extension in a northerly direction. Dur- 
ing the years of operation no difficulty has ever been experienced with the 
alignment of the east track supporting the gantry crane. The southern half of 
the west track, however, has moved both outward and upward from time to 
time. The cumulative outward movement from 1933 to 1952 was locally as + 
much as 4.5 ft and the cumulative vertical movement more than 2 ft. There- 
fore, a considerable expenditure for realignment and maintenance has been 
required to keep the bridge in operation. At times the movements have been 
so large or so abrupt as to threaten the continuity of operations of the plant. 
In November 1952 after the addition of an exceptionally heavy load of ore, 
there occurred a rather rapid lateral movement of about 2 ft, accompanied by 
a vertical heave of about 1 ft. The appearance of the west runway track at 
this time is shown in Fig. 2. The desire to eliminate the maintenance associ- 
ated with such conditions led to an investigation to determine the causes of 


the movements. 


Subsoil Conditions 


A series of test borings was made along the line of the west runway track, 
and at a few other selected points in the vicinity. The soil conditions dis- 
closed by all the borings were essentially the same. They are represented by 
the cross section, Fig. 3. 

The uppermost part of the soil deposits consisted of a layer of very stiff 
silty clay with a thickness of about 10 ft. The foundations of the wall support- 
ing the west runway track were established within this layer of stiff clay. 

The material possessed an unconfined compressive strength of at least 3.5 
tons per sq ft. 

Below the stiff silty clay was a deposit about 10 ft thick of saturated rock 
flour with silt-size particles. Its air-dry strength was practically zero. 
Typical grain-size curves are shown in Fig. 4. The liquid limit was about 27 
per cent; the plasticity index varied from zero to about 6 per cent; and the 
water content was about 25 per cent. 

Beneath the silt and extending to a considerable depth was a glacial till 
consisting of a cohesive pebbly sandy silt. Values of the standard penetration 
resistance varied from 36 to more than 100 blows per ft. The till at some 
places was underlain by sand and gravel and at other places by shale bedrock. 

The subsoil exploration indicated that the uppermost layer of very stiff 
clay could hardly be the seat of instability, nor could the extremely compact 
glacial till. The only suspect material was, therefore, the nonplastic silt de- 
posit. Close study of this material showed that it possessed occasional ex- 
tremely thin partings of coarser silt. The partings were rarely more than 
1/16 in. thick and occurred at spacings varying from about 2 in. to more than 
1 ft. An attempt was made to determine the grain size of these partings by 
carefully brushing the coarsest materials from the surfaces where 2 in. 
cores of the material had separated as a result of drying. The corresponding 
grain size curve is shown in Fig. 4. It demonstrates that even the coarsest 
partings in the deposit of rock flour were still primarily of silt size. 


Hydraulic Conditions and Stability 


The first test boring was made near the south end of the west wall. It was 
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noted that water rose slowly into the casing when the bottom of the hole pene- 
trated into the silt layer. When the casing was extended above the ground 
surface, the water rose after a few hours to the top of the casing at El. 120.5 
and very slowly overflowed. This initial observation provided data for a sim- 
ple but entirely sufficient stability analysis. 

According to Fig. 4, the only force available to resist the outward move- 
ment of the foundation materials along any horizontal plane below the runway 
track is the passive earth pressure of the adjacent soil above that plane. If 
the uplift at the base of the silty clay at El. 98 becomes as great as the weight 
of the overlying soil, that part of the passive resistance due to the weight of 
the soil vanishes. Since the overburden is about 12 ft thick beneath the ore 
trough, its weight is about 12 x 120 = 1440 lb per sqft. The uplift corres- 
ponding to a piezometric level at El. 120.5 is equal to (120.5 - 98) x 62.5 = 
1406 lb per sq ft. Therefore, the observed water level in the first boring was 
nearly sufficient to reduce the effective weight of the overburden to zero. 

Since there was no reason to believe that the observed pressure at the 
time of boring was a maximum, it was evident that the hydrostatic conditions 
could easily account for the loss of stability. To study this possibility more 
thoroughly, it was decided to investigate the porepressure conditions in the 
silt stratum over the full length of the west runway track. This was done by 
establishing 11 piezometers of the Casagrande type. The porous stones were 
established within the silt layer and the standpipes were sealed against the 
clay layer. The piezometers were not all established at the same time, but 
successively, in such positions as were suggested by the gradually developing 
understanding of the hydraulic situation. In this manner, the necessary data 
were obtained with the least expenditure. 

The sensitivity of the piezometers was demonstrated by their prompt re- 
action upon passage of the ore bridge close to one of the installations. The 
piezometric level would rise several feet as the bridge approached, would 
reach a maximum elevation while the bridge was adjacent to the piezometer, 
and would then decline at nearly the same rate as the bridge moved beyond. 

The locations of the piezometers are shown on the plan, Fig. 5. The initial 
piezometric levels beneath the west wall are indicated in the accompanying 
longitudinal section. The section shows that the piezometric levels were 
initially higher than El. 120 at the south end of the runway but that they de- 
creased toward the north to approximately El. 105 at Station 6 / 50. The 
reason for the decrease was not immediately apparent, but it seemed to be 
associated with the small natural gulley near the north end of the ore yard, 
shown in the topographic map, Fig. 1. Careful exploration of the soil condi- 
tions near the culvert that had been installed in. the gulley demonstrated that 
the channel had in fact been eroded below the bottom of the stiff clay and into 
the silt. Thus the hydrostatic excess pressures were of necessity reduced in 
this area. Nevertheless, the hydraulic conditions were not yet completely 
understood because the most abrupt decrease in piezometric levels occurred 
between Stations 4 and 6 rather than in the vicinity of the natural outlet near 
Station 15. 

It seemed reasonable to assume that the movements occurred when the 
sum of the natural pore pressures and the pore pressures due to the ore load 
reached a critical value. The most probable time for the development of 
maximum pore pressures was at the end of the loading season. That for the 
natural pore pressures was in the late spring, but the climatic and topographic 
conditions suggested that the seasonal variations were not very great. Since wy 
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there was no reason to believe that the maximum pore pressures due to the 
ore load should vary systematically from south to north, the instability of the 
south part of the runway seemed most probably to be the consequence of the 
high natural pore pressures at the south end. 

Thorough studies were made of the available records of the rate of move- 
ment of the ore bridge track during the history of the storage area, the cor- ef 
responding rates at which the ore yard was loaded, and the magnitude and 
distribution of the loads in the ore yard during the different seasons of the 
various years. The movements always occurred near the end of the loading 
season, when excess pore pressures would very likely be present in the silt 
layer as the result of the addition of the ore. Otherwise, however, no correla- 
tion whatsoever was found between the movements and the manner, intensity, 
or rate of loading of the ore storage area during the different years. The 
lack of such correlations was regarded as evidence of the prime importance 
of the natural porewater pressures in determining the location and the nature 


of the movement. 


Proposed Remedies 


One of the remedies considered was the establishment of the runway track 
upon pile foundations including batter piles. The piles would be driven into 
the underlying till. This solution had the disadvantages of high cost, and no 
guarantee of success. The fact that the runway track had on occasion heaved 
as much as 2 ft suggested that the piles might be lifted whereupon the batter 
piles would become ineffective. Therefore, this solution was abandoned. 

A second solution given consideration was the reconstruction of the run- 
way wall in such a manner that additions could easily be made to the east of 
the wall, so that as the wall moved toward the west relatively inexpensive 
additions could be built to widen it enough to permit straightening of the 
tracks from time to time. Provisions were also considered to take care of 
the heave that might occur. This solution would have involved continuous 
maintenance, but the cost of widening would be relatively small if the neces- 
sity for the construction were foreseen. However, this solution did not pro- 
vide for the possibility that exceptionally large and rapid movements might 
occur to such an extent that the ore bridge would temporarily be put out of 
service while repairs were being made. 

The third solution, considered more basic than the others, was the attempt 
to drain the layer of silt. After consideration of several methods for accom- 
plishing this, it was decided that the vacuum system of wellpoint operation 
possessed a reasonable chance for success. However, the extremely fine 
grain size of the silt layer created some doubt regarding the efficacy of the 
procedure. Therefore, it was decided to make a trial installation of well 
points for a length of 100 ft near the south end of the runway tracks between 
Stations 0 / 42 and 1 / 42, and to make piezometric observations to deter- 
mine the effectiveness of the installation. Meanwhile, the runway wall was 
to be reconstructed as outlined in the preceding paragraph. 


Test Installation of Well Points 


The details of the trial installation of well points are shown in Fig. 6. A 
hole 10 in. in diameter was drilled for each well point to a depth of about one 
foot into the glacial till beneath the silt. It was found that such holes would 
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stand open for a brief period even in the silt, so that a casing could be 
dropped in while a wellpoint was being installed. The well points were 
placed in position and surrounded by sand up to about El. 102 as the casing 
was withdrawn. The upper part of each hole, within the clay layer, was 
sealed carefully. This was done by molding 3 in. balls of powdered bentonite, 
mixed with water to a consistency near the plastic limit, and dropping them 
into the hole. They were tamped in layers to form a seal about 15 in. long. 
Then ordinary plastic clay was added to the hole in increments and tamped. 
A second bentonite seal was placed about 3 ft above the first. The remainder 
of the hole was filled with clay. 

The header was established at El. 108 and was attached to a vacuum pump. 
The well points were established at 5-ft centers. As soon as they were con- 
nected and the pump started, the level of the piezometers closest to the in- 
stallation began to drop. The piezometric levels adjacent to the test section 
after operation of the pumping system for one month are shown in Fig. 7. 

The discharge from the pump was initially three or four gallons per 
minute, but as the water in the system became depleted the discharge dropped 
to a small fraction of a gallon per minute. As a matter of fact, it was neces- 
sary to supply water to the pump for lubrication because insufficient water 
was drawn out of the silt layer. The vacuum was held consistently between 
27 and 28 in. of mercury. 

The piezometers located close to the test section reacted in a very satis- 
factory manner and indicated that effective drainage was being accomplished. 
It was, therefore, determined to extend the system for the full length of the 
area that had been subject to movement. 


Complete Drainage Installation 


The well-point installation was extended an additional 600 ft in accordance 
with the design for the initial cost section. The same care was exercised to 
obtain a complete seal between the well points and the clay layer so that the 
full effect of the vacuum on the silt layer could be developed. 

The extension of the system toward the north proceeded from Station 
1 4 42. At about Station 2 / 00, three of the well-points began to flow freely 
as soon as their riser pipes were sealed against the clay. Indications of a 
thin deposit of gravel between the silt and the till were noted in boring the 
holes. As soon as this deposit was tapped, Piezometer 2 at Station 2 / 50 
experienced a marked decrease in hydrostatic level. The presence of the 
gravel deposit, since it probably extended for some distance under the ore 
field, was considered a favorable element in the drainage system because it 
had an effect similar to that of an installation of well points beneath the ore 
pile itself. 

The incident associated with the small gravel deposit demonstrated clearly 
the importance of local variations in the pattern of permeability of the natural 
deposits, and also showed the importance of the piezometric observations. 
The immediate reaction of Piezometer 2 to the tapping of the deposit by 
means of the well points permitted a better interpretation of the hydraulic 
conditions than would otherwise have been possible. It suggested, for exam- 
ple, that the abrupt decline in piezometric levels previously noted between 
Stations 4 and 6 may have been the result of similar natural drains beneath 
the north half of the storage yard and connected to a natural outlet. 

In spite of the gravel deposit that was tapped by three of the well points, 
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the completed well-point installation proved virtually water-tight. The flow 
from the entire 700 ft installation, exclusive of water added for lubrication, 
rapidly dropped to about 2 gallons per minute. Nevertheless, it was possible 
to maintain the vacuum as before. Since the installation of well points was to 
be permanent, the entire buried assembly was treated with bitumastic and the 
vacuum pump and water pump were installed in duplicate. A system of warn- 
ing devices was provided to give notice of loss of vacuum. 


Record of Performance 


The well-point installation was completed in the spring of 1953 and has 
been in continuous operation since that time. A heavy load of ore was placed 
in the ore yard in the fall of 1954, at a more rapid rate then is customary be- 
cause of the delay in shipping necessitated by the repairs to the west runway 
track. Detailed records were kept of the quantity of ore in storage in various 
parts of the ore yard, and of vertical and lateral movements of the recon- 
structed wall. Detailed records were also kept of the piezometric levels. It 
was found that throughout the loading season the piezometers close to the 
well-point installation indicated levels well within the layer of silt itself, and 
those farther from the well-point system indicated a marked reduction in the 
piezometric levels. No piezometric levels as high as El. 105 were observed 
in any of the piezometers in the vicinity of the well-point installation. Fur- 
thermore, no detectable movements of the wall occurred during the loading 
season. 

The cost of the stabilization project exclusive of the rebuilding of the 
walls was appreciably cheaper than the batter-pile foundation, which might 
not have been successful. No difficulties have been experienced with the 
maintenance of the pumping equipment. Observations of piezometric levels 
and movements will be continued in the future as a control on the success on 
the installation. 
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GENERAL ASPECTS OF CEMENT GROUTING OF ROCK 


V. L. Minear,* M. ASCE 
(Proc. Paper 1145) 


ABSTRACT 


Past experience in the United States of cement grouting of rock foundations 
is reviewed. There is considerable controversy as to what constitutes best 
practice in cement grouting; pertinent items are discussed and their pros and 
cons are presented to stimulate thinking on these important matters. Several 
examples are given of experience on construction projects and of current 
practices and techniques used in pressure grouting. 


This paper represents the personal opinions of the author. It is based upon 
more than twenty years experience devoted entirely to field and office prac- 
tice in the pressure grouting of dam foundations, tunnels and shafts as an em- 
ployee of the Bureau of Reclamation, the Panama Canal and the Corps of En- 
gineers. It is not intended to imply that any of the discussion contained 
herein necessarily represents present practices of any of the Agencies 
named nor that they concur in any of the opinions stated. It does seem 
probable, however, that any man given the same opportunities for observing 
varying practices that the writer has had would agree with many of the con- 
clusions drawn. 

There are certain highly controversial practices upon which there is little 
unanimity of opinion. Thisis due, in part at least, to the fact that the pros 
and cons of these debatable features have never been made the subject of an 
open debate wherein the proponents of the various moot questions such as 
high versus low water-cement ratios, wide versus close initial spacing of 
grout holes, contract versus hired labor construction, defend their position 
and present for the consideration of the profession the reasons which lead 
them to take the stand that they do. 

The purpose of this paper is to bring out into the open some of these 
controversial subjects in the hope that the written discussions thereon will 


Note: Discussion open until June 1, 1957. Paper 1145 is part of the copyrighted Jour- 
nal of the Soil Mechanics and Foundations Division of the American Society of Civil 
Engineers, Vol. 83, No. SM 1, January, 1957. 
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help to crystalize engineering thinking on these and other questions which 
will be of assistance to the responsible engineer who, while not being entire- 
ly familiar with the intimate details of this highly specialized subject, never- 
theless is called upon to make binding decisions in the form of specifications 
for proposed work. 


Historical 


While a limited amount of foundation grouting had been done in Europe 
prior to the turn of the century, a search of the technical literature reveals 
nothing of any consequence having been done in the United States prior to 
1900. The first quarter century saw rather widespread experimentation with 
the idea. In the late 1920’s, preparatory to actual design of Hoover Dam, 

U. S. Bureau of Reclamation engineers made an exhaustive study on the sub- 
ject of pressure grouting in order to determine the consensus on what con- 
stituted “good practice” at that time. The results of this survey were em- 
bodied in the design and specifications for Hoover Dam, in the construction 

of which more than 400,000 cubic feet of cement were injected at pressures 
ranging from 50 psi to 1000 psi. The experience gained in the construction 
of this great structure has had a profound influence on foundation grouting de- 
sign and construction during the second quarter of the century. 

Table No. 1 gives “as built” data on 34 major dams constructed since the 
turn of the century. While these data are useful in showing what has been 
done in the past and therefore gives precedent for purposes of design and 
estimating, they should be used with caution. This is particularly true inso- 
far as quantities are concerned. The “unit take,” or grout consumed per foot 
of hole, as given in the last column of the Table is a function not only of the 
water-cement ratio and pressure used, but also of the density and depths of 
drilling. Thus, experience shows that widely spaced, shallow holes will take 
more grout per foot of hole than will be the case with closely spaced, deep 
holes. 


General 


Pressure grouting, in present practice, is part of a continuing process 
which begins with the first exploratory hole drilled on a proposed project and 
ends with the last drainage hole under the completed dam. It may extend 
even beyond this time in case filling the reservoir discloses unsatisfactory 
conditions as demonstrated by unsightly leakage through the abutments or 
dangerously high uplift pressures beneath the dam. The process is essential- 
ly one of probing the site in search of defects and when such are found, in- 
jecting cement grout to seal them. 

Changed conditions have necessitated the development of the process. 
Foundation failure has always been one of the most prolific causes of the 
failure of hydraulic structures. The problem has become more acute during 
recent years due to the fact that most sites suitable in their natural state for 
the construction of dams have already been exploited. This, coupled with the 
demand for larger and higher dams, has made it imperative for the designer 
to look upon each new site with suspicion: to exercise meticulous care in 
searching out hidden defects and in correcting them when found. In doing this 
he relies heavily upon the engineering geologist and the experienced con- 
struction engineer. 
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A comprehensive knowledge of the foundation characteristics is a vital 
prerequisite to intelligent dam design. The information is obtained in the 
form of competent geological opinion, based upon careful examination of field 
conditions including character of the rocks, bedding, faulting, and jointing, 
together with results from exploration by drill, tunnel, and shaft. Small 
diameter core holes are drilled at about 200-foot spacing along the center- 
line, with exploratory drifts driven in the abutments and man-size calyx 
holes drilled in the valley floor. These form the bases upon which contract 
drawings and specifications are founded. 

In the case of foundation grouting, design provides for a continuation of 
the exploration during construction. This is done by systematically probing 
the rock along a line extending from end to end of the dam. The initial or 
primary holes are drilled at relatively wide spacing, say 20 feet, and toa 
depth of one-third the estimated minimum depth of curtain required. These 
holes are grouted to refusal. A second series of holes, located midway be- 
tween the primaries is then drilled and grouted. This procedure of drilling 
and grouting holes midway between previously grouted holes is continued un- 
til virtual refusal is obtained. This completes the grouting of the “first zone” 
or near surface rock. 

The process of progressively tightening the formation is continued in 
depth. The second zone is grouted through holes drilled in prolongation of the 
corresponding first zone holes, It often happens that the secondary holes 
prove to be tight in the second zone so that no tertiary holes are drilled. In 
like manner the primary holes are generally tight in the third zone so that 
neither secondary or tertiary holes are drilled. 

The process is typified in the grouting of the cutoff for the Cherry Valley 
Dam now being built by the City of San Francisco. This is a central earth 
core rock-fill dam some 1,200 feet long and 300 feet high. It is founded on 
fairly close jointed granite in which the joints are open in the near surface 
rock. A summary of the results obtained is given in Table 2. It will be noted 
that a consistent tightening of the formation, both laterally and in depth as the 
work progressed, was obtained. 

The foundation of Anderson Ranch Dam consists of intrusive igneous rocks 
the bulk of which is granite. The granite has been cut by many thin dikes of 
vein-like masses of diorite and pegmatitic rock and has a complex system of 
shear planes and joints. In general, the initial spacing of grout holes was 40 
feet with intermediate series spaced at 20, 10, and 5 feet. The deeper zones 
were grouted in similar manner but the closing holes were on 20-foot centers. 
Average unit takes were 1.19 cubic feet in the first zone, 0.77 in the second, 
1.85 in the third and 0.92 in the fourth. 

Three examples of experience on constructed dams demonstrating the 
soundness of the practice are given below: 


(a) The Philpot Dam, located on the Smith River in Virginia is a concrete, 
gravity dam, 920 feet long and 219 feet high. It is founded on a quartz mica 
schist of excellent quality. In fact it is considered one of the best foundations 
upon which the Corps of Engineers has ever built. Nevertheless it was de- 
cided to “grout” it. The results are enlightening. Some 200 holes were 
drilled and grouted using methods as described above. Into these 200 holes 
only 3,200 bags were injected, for an average unit take of 0.44 cubic feet of 
cement per foot of hole. A breakdown shows that 1,800 bags or more than 
half the total were injected into 18 of the 200 holes and 800, or one fourth the 
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TABLE 2 


Grout Distribution - Cherry Valley Dam - Grout Curtain 


Depth Secondary Tertia 


Tit.) (a (cu, ft.7ft.) (cu. ft.7ft.) 

0 - 23 2.62 1.19 0.57 (breakouts) 
23 - 43 093 

43 - 63 013 

63 = 123 03 


AVE. 0992 057 


Overall average based upon 12,300 feet of hole, 0,8) cubic feet of 


cement per foot of hole, 


‘ 


total, went into two of the holes. It was only by systematically probing the 
foundation of a supposedly almost perfect foundation, that these unsuspected 
weaknesses were found and sealed. 


(b) The Bull Shoals Dam located on the White River in Arkansas is a con- 
crete gravity dam, 2,256 feet long and 283 feet high. It is founded on a dolo- 
mitic limestone. A primary hole extending well below the minimum depth of 
curtain considered essential, penetrated an unsuspected permeable zone into 
which some 66,000 cubic feet of solids consisting of rock flour and cement 
were injected before the area was sealed. Failure to have carried on deep 
exploration could have had serious consequences. 


(c) The experience of the Bureau of Reclamation on Hoover Dam as de- 
scribed by Mr. A. W. Simonds in his excellent paper “Final Foundation Treat- 
ment at Hoover Dam” (ASCE Separate No. 109, Dec. 1951) verifies the neces- 
sity for systematically probing the foundation to depths greater than those 
considered ideal theoretically. 


Practices 


Engineering opinion is divided as to the best practice for doing foundation 
drilling and grouting; whether by using the owner’s equipment and hired labor, 
or by doing the work by contract. Each method has certain advantages and 
disadvantages. 

Doing the work by hired labor simplifies the preparation of specifications 
and drawings and makes for flexibility in field operations. On the other hand, 
it is not always possible to recruit labor experienced in this specialized 
work, and the undesirability of doing hired labor and contract work simul- 
taneously on the same job is too well known to merit discussion. 

When the work is done by contract, it is either made a part of the general 
contract or is done under a separate contract covering only the drilling and 
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the grouting. The former prevents interference with the general contractor’s 
programming and avoids the necessity for a duplication of existing facilities 
such as power, water, air, shop, storage, transportation, messing, etc., all 
of which are costly. Moreover, there is less likelihood of labor difficulties 
since the general contractor is in a better position to negotiate with responsi- 
ble union officials than is the grouting contractor who, of necessity, employs 
fewer men and fewer trades. A major disadvantage of letting the work under 
the general contract stems from timing. Foundation grouting is one of the 
last operations done on concrete dams and when large structures are involved 
several years may elapse between the time when the contract is let and the 
work is actually done, consequently it is difficult to prepare realistic esti- 
mates or bids. This objectionable feature is absent when the work is done 
under separate contract since it can be advertised immediately before the 
work is initiated. 


Field Operations 


In addition to the drilling, there are three major operations connected with 
grouting. These are (1) pressure testing, (2) pressure washing and, (3) grout 
injection. To these might be added a fourth operation, “jetting,” when grout 
holes are percussion drilled. The latter consist of inserting a small diameter 
pipe to the bottom of the hole and removing the cuttings or drill sludge there- 
from with alternate jets of water and air. Since most such objectionable ma- 
terials are removed in the process of diamond drilling, this step is omitted 
when holes are so drilled. 

As mentioned previously, foundation grouting is considered essentially a 
probing operation. It begins with drilling. The experienced driller can tell 
much concerning the formation being penetrated by the behavior of the 
machine, the color of the drill water and especially by any variation in the 
quantity of drill water required. He notes these changes in the “drillers Log 
and in case of pronounced changes in quantity indicating permeable horizons 
he stops drilling and the hole is grouted at that depth before continuing. How- 
ever, only major seepage channels can be so disclosed due to the low static 
head applied to the open hole. Furthermore, there is likelihood that open, but 
relatively narrow fissures are partially choked by drill cuttings. Hence it is 
considered good practice to explore the dimensions of water passage ways in- 
tersecting the hole by injecting water at full resevoir pressure into it when it 
has reached certain partial depths called “zones.” Whether or not grout can 
be injected into any zone is indicated by the amount of water taken during 
testing. A commonly accepted rule-of-thumb is that little is accomplished by 
attempting to inject grout into a hole which takes water at a rate of less than 
1.5 g.p.m. 

Testing operations are usually postponed until several holes in a series or 
pattern have been drilled but not grouted. This is done to afford possible 
vents for the hole into which water is being injected. This not only gives an 
indication of the extent of any permeable areas penetrated but of equal im- 
portance, it makes possible the cleaning by pressure washing of any mud- 
filled seams and replacement with grout. 

Pressure washing is accomplished by alternately introducing currents of 
water and of air under pressure into a hole, thus forcing air and water 
through seams and out of a companion hole. The success or failure of the 
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operation depends largely upon the character and extent of the joint filling 
material and upon the skill and experience of the operator. Tough,rubbery, 
tenaceous clay cannot be removed successfully by any known pressure wash- 
ing methods. On the other hand, silt, or silt-like materials or those contain- 
ing relatively high proportions of sand can be removed with comparative ease. 

Pressure washing need not be overly costly. Only enough air is used to 
cause turbulent flow. In fact air should be used sparingly since under some 
conditions it can become entrapped, build up excessive pressures and cause 
damaging blowouts. Frequently the pressure on construction water supply 
lines is high enough to permit the work to be done so that the contractor 
need not tie up his grout plant and crew in the operation. Good judgment is 
required on the part of the engineer directing the work. Obviously little is 
accomplished by forcing water into a hole for long periods of time when only 
Slightly discolored water is being vented. 


Grout Injection 


Grout holes are drilled for the sole purpose of injecting grout, if possible, 
into the formation. Except under unusual conditions, it is considered good 
practice to inject as much into each hole as is possible, within the limits of 
allowable pressures. This procedure, while at times perhaps somewhat 
wasteful of cement, offers the potentiality of large savings in drilling costs. 
For instance, under favorable geologic conditions when primary holes are in- 
jected to the limit, the intermediate secondary holes may refuse to accept 
any grout or the take be so small as to justify the elimination of the tertiary 


series thus reducing the amount of drilling required by as muci as fifty per 
cent. 

The amount of grout which can be injected into a given hole is influenced 
greatly by (1) the amount of pressure applied; (2) the procedure under which 
this pressure is applied; (3) the consistency or water-cement ratio of the 
mixture and (4) the maximum particle size of the solids. Most engineers 
experienced in this line of work believe the following to be true: 


(1) Pressure Applied 

The amount of solids which can be injected into a given hole increases with 
increase of pressure applied. A corollary is that when low pressures are 
used a closer hole spacing must be provided to attain a comparable degree of 
tightness of the completed foundation. 

There, unfortunately, is no method known for determining the maximum 
amount of pressure which can be safely applied. A widely used rule-of-thumb 
is that the pressure shall not exceed one pound per square inch per foot of 
depth plus one pound per foot of dam above the hole. It is based upon the as- 
sumption that the concrete and the rock weighs 144 pounds per cubic foot and 
that consequently a column of either material one inch square and one foot 
high weighs one pound and hence that the application of a higher pressure to 
its base would lift the column. Many engineers feel that this value is ultra 
conservative in that it ignores punching shear and that much higher pres- 
sures can, and should be, used, especially in the intermediate holes. 


(2) Method of Application 
Stated briefly, the maximum amount of grout is injected when the maximum 
pressure is applied at the outset and maintained throughout the grouting. In 
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practice this can be accomplished by varying the pump speed. Conversely 
the amount of grout which can be irjected is minimized by starting injection 
at the lowest pressure at which the hole will accept grout and allowing the 
pressure to build up as hole resistance increases. 


(3) Consistency 

This is a question upon which engineering opinion is divided. Some engi- 
neers, experienced in this line of work, maintain that the amount of mixing 
water used is of little importance, so long as the grout is injected at corres- 
pondingly high pressures; that the excess water is squeezed out of the grout 
even though as much as 20 cubic feet of water per cubic foot of cement is 
used. Others, equally experienced maintain with equal force that only a 
limited amount of water can be squeezed out of the grout before an impervi- 
ous filter cake is built up at the escape point and that thereafter no more 
water can be squeezed out regardless of the pressure applied. 

All agree that the water-cement ratio has a vital effect upon the pene- 
trability of the liquid. It has been demonstrated repeatedly that if the grout 
is thicker than the fissures penetrated will admit at the pressure used, no 
appreciable amount of grout will be introduced and the foundation will not be 
improved greatly even though the holes are reported as having been “grouted 
to refusal.” 

The problem is largely academic. From a practical point of view it re- 
solves itself into a question of whether grout of a consistency which the hole 
will tolerate shall be injected, or nothing injected: Whether it is preferable 
to introduce grout which because of its high water content may be less than 
the ideal in quality or to leave the fine, open fissures ungrouted. 

In practice the optimum ratio is used. It is the lowest which the hole will 
accept consistently and is determined for each hole by trial. The initial ratio 
is selected on the basis of the hole’s behavior during the pressure testing and 
pressure washing operations previously described. In any event it is high 
enough to preclude any possibility of choking the hole. This grout is thickened 
progressively until it becomes evident that further thickening might jeopar- 
dize the grouting. This condition manifests itself by a more or less rapid 
reduction in the pump’s speed and a corresponding build-up in pressure. In 
order to continue operations, it may then be necessary to increase the water- 
cement ratio slightly, or even to inject water into the hole in order to reclaim 
it if the thickening process has progressed too far. When resistance again in- 
creases as registered by build-up in pressure the process of gradually in- 
creasing the water content is again resorted to until some specified maximum 
water content is reached after which the hole is allowed to come to refusal at 
the prescribed maximum pressure. 


(4) Maximum Particle Size 

The maximum particle size of the grout ingredients determines the width 
of the fissure which can be grouted. If the cement contains even a minute 
amount‘of particles larger than the fissure, these will accrete at the inter- 
section of the fissure and the grout hole where they form a filter cake that 
prevents passage of any more grout into the fissure. Thus the fineness of 
the grind of cement, as measured by surface area, is largely meaningless 
insofar as its suitability for grouting fine fissures is concerned. Investiga- 
tions recently concluded by the Corps of Engineers Concrete Laboratory indi- 
cate that the maximum particle size should not exceed 1/3 the width of the 
fissure. In other words, it is doubtful that fissures having a width of .02"' or 
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less can be grounted with cement containing any particles retained on the 
#100 sieve with any water content or pressure however high. 


Hole Connections 


There are three commonly used devices connecting the grout machine to 
the grout hole. These are (1) Pipe nipple, (2) Packer and (3) Circuit hook-up. 
Each is described below: 


(1) Pipe Nipple 

This is by far the most commonly used device although there is reason to 
believe that the others should be given more consideration than they present- 
ly receive. The nipple consists of a short piece of pipe, often of 1-1/2 inch 
diameter (through which an EX hole can be drilled) and ranging in length 
from 18 inches to several feet, depending upon whether the connection is 
calked or grouted into the collar of the hole or is embedded in the superim- 
posed concrete. Used alone it permits the introduction of the grout at the 
collar of the hole only, although it is an essential feature to the use of both 
the packer and circuit grouting hook up discussed below. 


(2) Packer 

The “packer” is merely an expanding packing gland through which the in- 
jection pipe extends, making it possible to introduce the grout into the hole at 
any point desired, from the collar to the bottom. The device is not trouble - 
free. It frequently happens that trouble is experienced in seating the packer, 
grout also may go around and above the packer so that it becomes “grouted 
in” the hole. Nevertheless, it can be a money saver when grouting holes col- 


lared in exposed rock. 

Under such conditions surface leaks often occur making it difficult to ob- 
tain an effective job, even when stage grouting methods are used. Such leaks, 
supposedly sealed during the shallow depth grouting, re-open time and again 
when the hole is deepened and grouting is resumed. This is probably due to 
the fact that the walls of the fissure are covered with a thin film of mud so 
that there is no bond with the cement. In any event the practice can result in 
the loss of rather large quantities of cement and probably result in little, if 
any, cement being injected into the lower lying reaches of the hole. Present 
practice consists of (a) introducing grout into the hole using stage grouting 
methods until or unless a surface leak develops which cannot be calked readi- 
ly. When this occurs, discontinue grouting and deepen the hole. (b) Inserting 
a packer located a short distance above the bottom of the previously grouted 
section of the hole and continuing the grouting of this and succeeding intervals 
until the ultimate depth is reached. (c) Withdrawing the packer, connecting 
the machine to the collar of the hole, applying full pressure to the entire hole, 
and if the leak re-opens reducing the water-cement ratio to 0.75 (bulk volume) 
and continuing injection until grout of this consistency flows from the leak, 
whereupon injection is discontinued and the hole is considered grouted. 


(3) Circuit Hook-up 

This is an old method which apparently is coming back into favor. In 
principle it consists of introducing the grout at the bottom of the hole through 
a closed circuit. It is a well known fact that when grout is quiescent its 
solids settle out of suspension rapidly. Hence it is required that the liquid be 
kept in motion constantly until it is introduced into the hole. Thereafter the 
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amount of movement in the hundred or more feet of hole depends upon the 
location of the seam in which the grout is flowing. Below that point there is 
little movement and consequently the solids settle, thickening the grout and 
clogging the finer seams at the periphery of the hole. Some twenty years ago, 
Mr. Bert A. Hall, Chief Inspector on Grand Coulee Dam recognized this fact 
and made the observation that, “During the injection of grout at a water- 
cement ratio of 1.0 the grout hole will silt up (below the lowest seam accept- 
ing grout) at a rate in excess of 15 feet per hour.” 

By introducing the grout at the bottom of the hole the grout is kept in con- 
stant motion within the hole and its effectiveness is increased. It is especial- 
ly effective in the case of caving ground or where coarse, granular material _ 
such as disintegrated granites are to be grouted. 

The attendant pipe fitting is costly, especially when the work is done in = 
the cramped quarters of grout and drainage galleries. However, the newly 
developed semi-flexible plastic pipe gives promise of overcoming this ob- 
jection. 
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Discussion of 
“THE ACTION OF SOFT CLAY ALONG FRICTION PILES” 


by H. B. Seed and L. C. Reese 
(Proc. Paper 842) 


H. B. SEED! and L. C. REESE, A.M., ASCE.—The contributions of 
Messrs. Dubose, Nishida, Peck, and Parsons in discussing the writers’ paper 
are greatly appreciated. As Mr. Dubose points out, the load vs. settlement 
relationship for a pile is certainly influenced by the rate of loading; and this 
factor should be considered in evaluating the supporting capacity of a pile for 
design purposes. However, the present paper is concerned primarily with the 
mechanics of soil resistance to friction piles and the development of a better 
understanding of pile behavior. One of the objects of the investigation was to 
develop a relationship between the load vs. settlement curve of a pile and the 
stress vs. deformation characteristics of the soil. For this purpose it would 
seem desirable that the rate of loading of the soil in both the vane shear tests 
and in the pile loading tests should be approximately the same, and it is not 
necessary that the rate of loading be extremely slow. For this reason pile 
load tests were carried out as quickly as possible allowing only enough time 
to make readings of the strain gages. The agreement between the predicted 
and the observed load vs. settlement relationship for the pile might have been 
improved if the rate of loading in the pile tests had been the same as that in 
the vane shear tests. The writers believe that once a satisfactory analysis 
of pile action has been developed the influence of rate of loading can be in- 
cluded in the analysis by using suitable soil test procedures. 

It is unfortunate that Mr. Dubose did not include the date of driving the 
pile in presenting the data in Fig. 2 showing the increase in supporting capa- 
city of the concrete pile under successive loadings. It would be of interest to 
know the elapsed time between driving the pile and the start of the first load 
test. In such stiff clays as those into which this pile was driven and over 
such long time periods, it is unlikely that there would be more than a slight 
change in water content due to radial flow, as is the case for soft clays during 
the first weeks after pile driving. 

The writers would be interested in Mr. Dubose’s reasons for associating 
the increase in supporting capacity with the retesting of the pile, and in the 
data which showed that there were no in situ water content changes. It would 
appear that the only effective method of determining water content changes at 
the present time is by taking samples in a boring made immediately adjacent 
to the pile wall. Such a boring is likely to influence the subsequent behavior 
of the pile in further load tests. The data presented by Mr. Dubose in Fig. 2 
are apparently for the same pile. It would, therefore, be of interest to know 
the methods used to measure in situ water content changes if borings were 
not made next to the pile wall. 

In contrast to the data presented by Mr. Dubose in Fig. 2, the writers 
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would like to present the data in Fig. 1. Three load tests were performed in 
rapid succession on one of the piles used in the research program; this pile 
was of the same diameter and length as the instrumented pile. A study of the 
figure shows a reduction in bearing capacity of about 5 percent from Test No. 
1 to Test No. 2 and no appreciable change in bearing capacity from Test No. 

2 to Test No. 3. There was no apparent increase in supporting capacity 
associated with retesting of the pile in this case. 

Possibly the results reported by Mr. Dubose might be influenced by thixo- 
trophic strength increases with time. However, for the soft clay tested by the 
writers, it appears that the water content and strength characteristics of the 
soil adjacent to a driven pile are associated with the excess pore water pres- 
sure and vary with time after pile driving. To determine the behavior of a 
loaded pile the skin friction resulting from these varying soil characteristics 
must be ascertained. The bearing capacity of a pile immediately after driv- 
ing can not be considered merely of academic interest if one is faced with the 
practical necessity of loading a pile soon after driving and is therefore inter- 
ested in the rate of development of skin friction and its relationship to the 
properties of the soil adjacent to the pile. 

The writers can not agree with the implication of Mr. Dubose that long- 
time load tests are desirable in order to include the effects of consolidation 
in the measured pile settlement under load. Certainly in practice long-time 
load tests are desirable, but it should not be imagined that the results of such 
tests on individual piles will serve to indicate the probable settlement of a 
structure due to consolidation. A pile load test is simply intended to evaluate 
the strength characteristics of a soil around a pile and does not necessarily 
bear any relationship whatsoever to the compressibility of the soil under the 
loads imposed by a structure. 

The writers appreciate Mr. Nishida’s comments; and his observation that 
the deformation of the soil around a loaded pile is not a maximum at the 
ground surface is certainly substantiated by the results of this investigation. 
If a firm bond existed between the pile and the soil, then the deformation of 
the soil would be a maximum at the ground surface. However, since the re- 
sults indicate that failure occurs by slippage between pile and soil at shallow 
depths, and at a depth of 10 ft. no skin friction was developed, the deformation 
of the soil at that depth must necessarily have been very small. A similar 
condition would presumably exist near the ground surface if the pile were not 
driven through a 9 ft. casing. This fact was considered in the analysis of pile 
performance by assuming the effective shear resistance to be zero in the up- 
per 10 ft. of soil. 

Mr. Nishida’s equation for an elastic soil and a rigid pile will perhaps 
give an insight into certain phases of the problem. His inquiry concerning 
the relationship between the differential equation (Equation 3) and the numeri- 
cal calculations in the paper can best be answered by re-writing Equation 3 
in the form of a difference equation as follows (see Fig. 2): 
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Substituting these expressions in Equation 


and finally 


The other numerical expressions used in the paper proceed from elementary 
considerations. 

The writers are grateful to Messrs. Peck and Parsons for the additional 
data on the degree of remolding the relatively insensitive clay in the Chicago 
area resulting from pile driving. It was interesting to note that consolidation 
continued for many months after pile driving in this case. 

The pore water pressure gages mentioned in Fig. 14 were built into the 
pile wall and located at the following depths: 


Gage No. Depth, ft. 
w- 


1 
3 
W-5 


The construction of the pore water pressure gages and the results of pres- 
sure measurements on the wall of the pile have been described elsewhere.? 

The pile load tests for this research were performed rapidly compared 
with usual test procedures. Since the total time of each test was only about 
two hours, time vs. settlement curves were not plotted as in other load tests 
where the loading period might take several days. 


3. Reese, L. C. and Seed, H. B., “Pressure Distribution Along Friction 
Piles,” Proceedings, American Society for Testing Materials, vol. 55, 
pp. 1156-1180, 1955. 
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Discussion of 
“RUPTURE SURFACES IN SAND UNDER OBLIQUE LOADS” 


by Alfreds R. Jumikis 
(Proc. Paper 861) 


ALFREDS R. JUMIKIS,* M. ASCE.—Discussion on this paper by Dr. G. G. 
Meyerhofl and Mr. Ed. Barber2 reveals the successful application of the 
spiralled rupture surface for the determination of the ultimate bearing ca- 
pacity for different inclinations of the load and for analyzing footing stability 
in a steep ash slope, respectively. These discussions can be considered as 
good contributions to spiral theory and help to establish one’s confidence in 
such analysis. The three tables on various elements of the spiral, contribut- 
ed by Mr. Barber, are very handy and practical for the construction of 
spirals used in stability analyses. 

A letter received by the author from Dr. J. Brinch Hansen, Technical Uni- 
versity of Denmark,? during the discussion term of the paper No. 861 dis- 
closes the information that for sands (¢>0), logarithmic spirals should be 
used instead of circles. According to Hansen, for practical purposes the in- 
clination of a load is recommended to be taken into account by means of cer- 
tain inclination factors which are different for sand and clay.4 

The contributions to the spiral-shape rupture theory by the three discus- 
sers mentioned above are to be appreciated very much. 


Prof. of Civ. Eng., Rutgers Univ., New Brunswick, N. J. 
1. Journal of the Soil Mechanics and Foundation Division, Proceedings, ASCE, 

SM3, Paper 1028-15, July, 1956. 

. Ibid., Paper 1028-16-19. 

. Dr. Hansen is also Chief Engineer with the world-famous consulting and 
contracting company Christiani & Nielsen in Copenhagen. 
J. Brinch Hansen, Earth Pressure Calculations, Teknisk Forlag, Copen- 
hagen, 1953. 
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Discussion of 
“PENETRATION TESTS AND BEARING CAPACITY OF 
COHESIONLESS SOILS” 


by G. G. Meyerhof 
(Proc. Paper 866) 


G. G. MEYERHOF,! A.M. ASCE.—In reply to Mr. Yang, who considers 
that the resistance of a penetrometer resembles the resistance of a pile at 
driving and therefore gives information of doubtful value, the writer suggests 
that this may possibly apply to dynamic penetration tests, but not to static 
cone penetration tests, which for some time have been used successfully to 
estimate the bearing capacity of piles in cohesionless soils as indicated in the 
paper. For such soils an approximate relationship may be expected between 
the static and dynamic resistance, and the proposed empirical correlation 
has been confirmed by further extensive investigations(33) so that dynamic 
penetration tests can also be used as a guide to the bearing capacity of piles. 
The writer agrees that driving of displacement piles compacts loose and 
medium dense soils and thus increases the penetration resistance above the 
original resistance which forms the basis of the proposed methods of analysis. 
The bearing capacity of a pile group depends, however, to a considerable ex- 
tent on the relative density of the soil below the pile points and this is usually 
not much affected by pile driving as shown by Mr. Yang’s example. 

Mr. Hyland draws attention to the procedure of mud drilling to avoid in 
stallation of casings and to facilitate penetration tests and undisturbed sam- 
pling in cohesionless soils, especially below a water table. The writer has 
found this method useful on many occasions and feels that the more reliable 
information obtained offsets the extra cost involved. But on smaller jobs and 
for preliminary investigations of larger projects exploratory soundings can 
readily provide information for bearing capacity estimates. The comparison 
of Dr. Murdock of the standard penetration and static cone resistance in 
alluvial soils at Iraq agrees with the writer’s findings for smaller relative 
densities when a somewhat higher conversion factor was found than for great- 
er densities. As mentioned above, the compaction of soils by pile driving has 
not been taken into account in the analysis because the allowable load as well 
as the bearing capacity of pile groups depend mainly on the state of the soil 
below the pile points, which is practically unaffected by pile driving. 

The case records mentioned by Messrs. Turnbull and Kaufman and also 
referred to by Mr. Focht are particularly welcome since the detailed investi- 
gations at the Morganza Floodway and Old River structures enable further 
comparisons to be made between the results of pile loading tests and the pro- 
posed methods of estimating the bearing capacity from standard penetration 
tests. In this connection the considerable influence of the overburden pres- 
sure on the penetration resistance at one of the structures supports labora- 
tory tests to which brief reference was also made in the paper. At the 


1. Head, Dept. of Civ. Eng., Nova Scotia Technical College, Halifax, N. S., 
Canada. 
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Morganza Floodway control structure(34) all piles except one (No. C-2-b) had 
a penetration ratio D/B at the bottom of the shaft of less than 10 in the sand, 
which was insufficient to develop the theoretical failure surfaces according to 
the writer’s theory.(35) Hence, the point resistance has to be reduced as in- 
dicated in Eq. 21 and the subsequent paragraph in the paper. On this basis 
and using the standard penetration resistance for the point resistance and 
skin friction (with an upper limit of 1 ton per sq. ft. for displacement piles as 
mentioned in the paper), the estimated bearing capacities in the sand are 
given in the Table 4 below together with the observed maximum loads. Al- 
though there is an appreciable variation in individual values, the average ob- 
served bearing capacity of the piles was within 9 per cent of that estimated 
by Eqs. 16b and 21b. 

The test piles of the Old River low-sill structure(36) consisted partly of 
displacement piles to which Eq. 18 applies and partly of H piles to which, at 
least in the first instance, Eq. 20 applies (with an upper limit of the unit skin 
friction of 1/2 ton per sq. ft. as mentioned in the paper) except that the point 
resistance of one pile (No. 3) can be based on the gross sectional area on ac- 
count of the bottom plate. On this basis and using the standard penetration 
resistance for the sand, the bearing capacities are considerably overesti- 
mated, especially the point resistance. While the writer agrees with Messrs. 
Turnbull and Kaufman that the great overburden influenced the penetration 
resistance of the sand, he believes that the overestimate of the bearing ca- 
pacities can at least partly be explained by the limited embedment in the very 
dense sand and by the extension of the writer’s equations to very great pene- 
tration resistances (N = 75 to 100 blows per ft.) for which at present no cor- 
relation with the static cone resistance is available. Where as on this site, a 
pile passes through a loose stratum into a dense stratum the point resistance 
will be less than the maximum value if the penetration ratio D/B < 10 in the 
dense stratum. In that case the writer would suggest that the average pene- 
tration resistance within a depth D< 10B of the dense stratum should be used 
in conjunction with Eq. 21, as mentioned in the paper for piles penetrating 
through cohesive soil into sand. The writer’s comparison of the static cone 
and standard penetration resistance (Fig. 3) is at present limited to cohesion- 
less soils with a standard or equivalent (in the case of saturated very fine or 
silty sands) penetration resistance of less than about 50 blows per ft. These 
results in conjunction with further investigations(33) indicate that the conver- 
sion factor between cone and standard (or equivalent) resistance decreases as 
the relative density increases and varies from about 5 for loose materials to 
about 3 for dense materials. No reliable information is available yet for very 
dense sands (N > 50 blows per ft.) and the writer would, therefore, suggest 
that the point resistance in his equations be limited to 200 tons per sq. ft. un- 
til sufficient data are obtained. 

The influence of the overburden pressure on the penetration resistance, un- 
der otherwise unchanged conditions, would not in the writer’s opinion affect 
the proposed approach to the bearing capacity of piles provided that the in- 
crease with depth in the penetration resistance of a penetrometer reflects the 
corresponding increase with depth in the point resistance and skin friction of 
piles. Laboratory investigations indicate that the static cone resista»ce(35) 
and the standard penetration resistance(37) of cohesionless soils inci ease 
with effective overburden pressure in roughly the same proportion as the 
bearing capacity, and the writer believes therefore that this effect is approxi- 
mately allowed for in his Eqs. 14 to 20 where the observed penetration 
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resistance at any depth is used for an estimate of the bearing capacity of 
piles at that depth. A similar interrelation was also observed in the investi- 
gations at Old River where a removal of 50 ft. of overburden halved the pene- 
tration resistance at greater depths and, according to bearing capacity theory, 
the corresponding bearing capacity of the piles would also approximately 

have been halved. For spread foundations the influence of effective overbur- 
den on penetration resistance is mainly important in regard to the influence 
of the ground-water table, which will be considered later in this closure. 

On the other hand, the above and related influences make an interpretation 
of penetration tests for relative density and angle of internal friction very ap- 
proximate, as had been emphasized by the writer and reiterated by Messrs. 
Turnbull, Kaufman and Focht. Thus, the standard penetration resistance at 
Old River indicated that the deep bed of clean sand was very dense so that the 
angle of internal friction might have been expected to be about 45 degrees. 
Yet laboratory tests gave an angle of internal friction of only 36 degrees, 
which according to Table 1 indicates a compact state of packing (N = 10 to 30 
blows per ft.). It is of interest to note that this Table indicates for 36 degrees 
a static cone resistance of say 50 to 60 tons per sq. ft., which is of the same 
order as the observed ultimate point resistance of the piles. While it is 
doubtful whether a static cone penetration test would in fact have given such a 
low penetration resistance for this sand, bearing capacity theory also over- 
estimated the point resistance on this site although the conservative assump- 
tion was made that the three-dimensioned restraint and the shearing resist- 
ance of the overburden above toe level were ignored in estimating the point 
resistance. The writer certainly agrees that it is preferable to perform 
laboratory tests on undisturbed samples of sand and then use bearing capacity 
theory for estimating the ultimate pile loads, which should be checked by 
loading tests. 

Dr. de Beer and Mr. Martens enquire why, for any given static cone pene- 
tration resistance, different angles of internal friction were suggested in the 
paper for silty sand, clean sand and sand-gravel mixtures and why the cor- 
responding bearing capacities of spread foundations were assumed to differ 
and to be further influenced by the position of the water table. The writer 
agrees that from a theoretical point of view these adjustments should not have 
to be made because the various influences should be reflected in the static 
cone resistance, although this would not necessarily be so for the standard 
penetration resistance (in spite of the adjustment of blows per ft. in saturated, 
very fine and silty sands as mentioned in the paper). However, the empirical 
or statistical correlation between the standard and static penetration resist- 
ance, represented in Fig. 3 and subsequently supported by further field evi- 
dence, (33) does not show any significant difference in the correlation for the 
influence of either the type of sand or the overburden effect or the position of 
the water table. If it is then assumed, as was done elsewhere(38) and in the 
paper, that the standard penetration resistance is mainly a function of the 
relative density, then it follows from the empirical correlation mentioned 
that the static cone resistance is likewise mainly a function of the relative 
density and that both types of penetration tests have to be interpreted for the 
angle of internal friction and corresponding bearing capacity in accordance 
with the influences of the soil type, overburden and water table. 

Analysis of extensive laboratory tests(37) as well as new field data(33,36) 
indicate, however, that the standard penetration test is not only a function of 
the relative density but also of the overburden pressure and position of the 
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water table and, to a lesser extent, on the soil type, the total weight of the 
rods and other factors. On this basis the standard penetration resistance 
would reflect roughly the effective shearing resistance and thus give some 
indication of the bearing capacity, in a similar way but not as reliable as the 
static cone penetration test. If this conclusion is supported by further field 
experience, it would help to explain why the empirical correlation between 
standard and static penetration resistance is sensibly unaffected by the in- 
fluences referred to above. Moreover, at the same time the proposed inter- 
pretation of standard penetration resistance with soil type and position of the 
water table would become unnecessary, as had been suggested by Dr. de Beer 
and Mr. Martens for the static cone penetration test. 

While the influence of overburden on penetration resistance and bearing 
capacity is important for piles as mentioned above, this influence appears to 
be small at shallow depths. The bearing capacity of spread foundations can, 
therefore, be estimated on the assumption that the penetration resistance re- 
flects mainly the relative density and, probably, the position of the water 
table so that the overburden effect would have to be allowea for separately, 
as suggested in the paper. In this connection the writer agrees with Dr. de 
Beer and Mr. Martens that the interpretation of static cone resistance is im- 
proved when bearing capacity theory is used in every individual case, as had 
also been mentioned in the paper. Nevertheless, the proposed simple rela- 
tionships give fairly reliable estimates when compared with the results of 
plate loading tests, as shown in the paper and supported by application to 
additional field data(39) summarized in the Table 5 below. 


TABLE 5 


COMPARISON BETWEEN OBSERVED AND ESTIMATED BEARING CAPACITY 
OF PLATES ON MOIST DENSE FINE SAND AT BERLIN (GERMANY) 


Static 


Width | Depth | Resistance} Observed Estiuated Ratio 
de 


feet feet tons per tons per| tons per 
sq.ft. sq.ft. sq.ft. 
3.5 13.7 120 52 


“RH 
@. 3,4 | 3.3 7.1 160 26 2B 0.9 : 
5 3.3 0 190 16 15.5 1.0 
6 1.7 0 190 8 8 1.0 
7 1.7 1.7 190 19 16 1.2 & 
8,9 | 3.3 1.7 270 33 33 1.0 
io, 18] 1.7 1.7 270 22 23 0.9 
un | 17 270 10 11.5 “0.9 
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According to the various new field and laboratory investigations men- 
tioned above, both the standard and static penetration resistance is reduced 
below the water table roughly in proportion to the reduction of the effective 
overburden pressure. Thus, for a water table at shallow depth the penetra- 
tion resistance measured in the field was found to be reduced by about 30 to 
50 per cent, while at greater depths penetration of a short distance into a 
water table led generally to a much smaller reduction because the neutral 
pressure was then only a small proportion of the total overburden pressure. 
This influence of position of the water table on penetration resistance would, 
therefore, seem to be the same as on the bearing capacity of cohesionless 
soils. As a further check of this interrelation the writer has carried out 
some loading tests on a site underlain by a thick bed of fairly uniform, com- 
pact fine to medium sand with a water table at a depth of about 6 ft. The 
average standard penetration resistance above and for a considerable depth 
below the water table was 15 and 10 blows per ft., respectively, in 6 bore- 
holes. Loading tests were made on 2 ft. wide square plates in large test pits 
at a depth of 2 ft. and 8 ft. While an ultimate bearing capacity of about 2-1/2 
tons per sq. ft. was found below the water table, the ultimate bearing capacity 
above the water table was not reached but the settlements were approximately 
one-half of those below the water table. According to Eq. 4a the estimated 
bearing capacities would be 3 tons per sq. ft. above the water table and 2 tons 
per sq. ft. below the water table if no additional allowance for submergence is 
made in the latter case. On the other hand, if such allowance is made the 
latter estimated bearing capacity would be only 1 ton per sq. ft. which is less 
than one-half of that observed. 

The writer has reconsidered the recommendation under “Bearing Capacity 
and Settlement of Spread Foundations” on page 866-4 following Eq. 6b: 


“Full submergence of cohesionless soils can be interpolated 
accordingly.”(15) 


This recommendation should be changed to read as follows: 


“Full submergence of cohesionless soils reduces the effective weight 
and, thus, the bearing capacity by about one-half; the bearing capacity is, 
however, not affected by a water table at a depth greater than about 1. 5B 
below base level.(15) Since it is believed that the standard penetration 
and static cone resistance includes the effect of submergence, the average 
resistance within a depth of 1.5B below base level may therefore be used 
in conjunction with Eqs. 4 to 6 to estimate the bearing capacity of sub- 
merged soils. The same procedure can be used also for partly submerged 
soils.” 


The writer wishes to express his gratitude to the many discussers for 
their valuable contributions. Their comments and additional case records 
helped to clarify some of the controversial aspects of the proposals. In view 
of the variety of subsoil conditions even within a single cohesionless deposit, 
a simplified approach can be no more than a guide to assist foundation engi- 
neers in their own judgment and it is hoped that the paper and discussion 
helped in some measure in this respect. 


i 
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Discussion of 
“EXPERIENCES WITH LOESS AS FOUNDATION MATERIAL” 


by William A. Clevenger 
(Proc. Paper 1025) 


HARRY R. CEDERGREN,* A.M. ASCE.—The author, in discussing experi- 
ences with loess in two areas of the United States, has touched upon a type of 
soil that has rather remarkable and spectacular properties. He has given 
examples of foundation failures resulting from great losses in strength 
caused by saturation of the loose soil. 

Another outstanding property of loess is its very feeble resistance to 
erosion, even in the compacted state. This property is of utmost importance 
in the design and construction of earth dams and levees on loess foundations. 
It also makes necessary special treatment of slopes exposed to the elements. 

Loess deposits in seme areas in the Pacific Northwest have for years 
been a cause of concern to engineers and builders in those areas. Chimneys 
have toppled over when wetting of their foundations was not controlled. Air- 
field and highway pavements have settled and cracked badly when water was 
permitted to penetrate through joints or cracks and wet the subgrade. Other 
structural problems and failures have been common wherever the loess has 
been encountered; however, difficulties with loess can be minimized if its eS 
properties are duly considered. The loess in the Walla Walla area of Wash- 
ington is predominately silt, with the clay content usually from 8 to 20% and 
the sand content ranging from 2 to 10%. Its plasticity index usually is less 
than 8 and its liquid limit varies from 16 to 30. Its loss in strength mounts 
rapidly with decrease in density, as illustrated by the curve in Fig. A which 
represents the results of 140 CBR tests on Walla Walla loess in the unsoaked 
and soaked condition. The tests were made on undisturbed samples taken 
from the subgrade of a newly constructed military airfield. 

While the unstable structure of loess is of great interest to engineers de- 
siring to eliminate structural failures, its low resistance to erosion may lead 
to failures that can endanger life. The writer is familiar with an earth dam 
that will never (without major reconstruction) be capable of functioning as the 
designers intended because serious erosion has occurred within the structure. 
The soils engineers who designed the dam were fully aware of the treacherous 
nature of loess, and incorporated features that should have guaranteed a 
stable dam. Major excavation and recompaction of the loess foundation re- 
duced settlements to tolerable amounts. An internal drainage blanket was 
furnished as a means of controlling underseepage. Unfortunately the inspec- 
tor and the builder of the dam were unacquainted with the properties of loess 
and permitted major segregation to occur within the blanket. As a conse- 
quence several hundred cubic yards of compacted loess were washed through 
the blanket to a pipe drain and out of the dam within two years after its com- 
pletion. This inherent instability greatly impairs the usefulness of the 
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structure, which would have been of great value if the intentions and concepts 
of the designers had been carried out. 

Whenever loess must be used as the foundation or a major segment of an 
earth dam or levee the designers and builders should take unusual precau- 
tions to avoid designing or building an unsafe structure. Furthermore, per- 
sons familiar with the properties of loess should be available for consultation 
through all stages of the project. 


RALPH B. PECK,! M. ASCE, and HERBERT O. IRELAND,2 A.M. ASCE.— 
The author has performed a distinct service by summarizing his experiences 
and those of the Bureau of Reclamation with respect to loess, a material that 
is still too little understood in view of its widespread distribution. The writ- 
ers hope the paper will stimulate publication of many other records of ex- 
perience and to that end submit several of their own. 

Since 1949, the University of Dlinois has collected test data and field ob- 
servations concerning loess, not only in the Missouri River Basin, but also 
in the contiguous loessial areas of the Mississippi and Illinois Rivers. Sites 
from which data have been obtained are shown in Fig. 1. These sites extend 
from the semi-arid regions with which the author’s experience has been 
associated, into the semi-humid areas of the Central Lowlands; against this 
broader background of climatic conditions the experiences and correlations 
of the author have a regional aspect and, if not interpreted in this light, might 
give a restricted or narrow conception of the physical properties of the mate- 
rial. The writers have come to regard loess not as a soil of remarkably con- 
stant and uniform properties, but as one possessing local and regional varia- 
tions almost as striking as those of some glacial materials. 

To a considerable extent, the strength and rigidity of loess appear to de- 
pend on the moisture content of the clay binder, which is reflected in the 
moisture content of the soil as a whole. This is admittedly a broad generali- 
zation, to which there are many exceptions, but it serves as a starting point 
for discussion. The writers’ data indicate significant differences in the 
structural properties of loess from different parts of the country, which could 
not be correlated strictly with such index properties as grain size, density or 
penetration resistance. However, an instructive correlation was found to 
exist between the average natural water content of loess deposits and the 
average annual rainfall of the locality (Fig. 2). This correlation indicates 
that the behavior of loess in humid regions should be expected to differ from 
that in semi-arid regions. 

The writers agree that the standard penetration test in itself is not a good 
criterion for the strength or compressibility of loess, particularly within a 
limited geographical area. Two much more dependable measures of com- 
pressibility are believed to be the load at 1/2-in. settlement of a plate one 
foot square, and the pressure corresponding to the break in the e-log p curve 
from a standard consolidation test on a hand-carved sample. If one attempts 
to correlate either of these quantities with the N-values, for one part of the 
country, no trend is apparent. In Fig. 3 (a), for example, the relation is 
shown for a number of sites in eastern Iowa and western Illinois. The sites 
are represented by the solid dots in the lower left corner of the plot. Simi- 
larly, results reported by the Reclamation Bureau,(1) indicated by the open 
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circles, show no correlation among themselves. But if both sets of data are 
considered together, a fairly satisfactory relationship emerges between the 
N-values and the results of the consolidation tests. Similarly, there appears 
to be a fair correlation between the N-values and the results of field load 
tests (Fig. 3b). 

If the subsoil of a structure can be protected from the effects of prolonged 
wetting, as can usually be done except possibly in the case of residences, the 
designer appears to be faced with two alternatives if he uses soil-supported 
footings or a raft. Since the load-settlement curves for loess often exhibit 
a fairly well defined break (Fig. 4), marking the pressure at which the open 
structure of the soil begins to crush or collapse, the designer may elect to 
restrict the footing pressure to a value well below the break in the curve and 
experience very minor settlements, or he may choose a higher value and ac- 
cept larger settlements. The latter alternative is feasible because there is 
little likelihood of a complete bearing capacity failure by rupture in the usual 
sense. The second alternative has often been adopted (not always deliberate- 
ly) by constructors of grain elevators, whereas the first is more suitable in 
connection with conventional structures such as school buildings. 

In connection with the design of two concrete towers for which the tolerable 
settlement was very small, the writers chose to restrict the soil pressure 
under dead load to about 1/2.5 times the pressure at which the break occurred 
in standard 1 x 1 ft load tests. The tower at Princeton, Ia., rests on a raft 
36 ft square and is underlain by 85 ft of loess. The tower at Lowden, Ia., 
rests on a raft 46 ft square and is underlain by 22 ft of loess. Typical load- 
settlement curves for the load tests, and the observed maximum settlement 
for each structure are shown in Fig. 5. Observations utilizing specially con- 
structed deep bench marks were carried on for 4 years and showed no ten- 
dency for progressive settlement. 

The settlement records demonstrate that, at equal unit pressures, the 
settlement of the structures was less than about four times that of the test 
plates, although the width of the structures was roughly 40 times that of the 
test plates. It may be noted that the natural moisture content of the loess at 
these two sites was about 23 percent, considerably higher than the value of 
15 percent indicated by the author as the upper limit for undisturbed loess of 
good supporting value. 

The writers are familiar with the grain elevator in Kansas cited by the 
author as an example of settlement caused by wetting of the loess after con- 
struction. They believe that there is no evidence that ponding of the water 
caused the settlement, but rather that the soil pressure was excessive and 
distributed too non-uniformly for the loess in its original condition. Accord- 
ing to the author, the elevator was completed in July, and heavy rains in 
August caused ponding and settlement on the north side. The pertinent facts 
are shown in Fig. 6, in which are plotted the record of movements of the 
elevator, daily rainfall at the weather station in the same town, and the total 
amount of grain in storage. It is seen that the most pronounced movements 
took place prior to 24 July, during a period of small rainfall but during the 
period of first, and most rapid, loading of the structure. In contrast, the 
heavy rains of 9 - 15 August, which caused the reported ponding, were ac- 
companied by minor movements and the load on the foundation was nearly 
constant. There is evidently an excellent correlation between movement and 
load, and none between movement and rainfall. 

The structure consisted of eight bins resting on a raft 103 x 59 ft in plan, 
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with a loading shed on the south side rigidly attached to the bins. Because of 
this arrangement the soil pressure was non-uniform when the structure was 
loaded; the computed pressures are shown in Fig. 7a. Corresponding settle- 
ments are shown in Fig. 7b, about three months after filling. The settlement 
evidently depended on soil pressure instead of any other factor such as wet- 
ting on the north side. 

Several load tests were made prior to placing the concrete for the raft. 
One of these indicated a settlement of 3 inches under a unit load of 5000 lb 
per sq ft; three others settled about 1.3 inches at 10,000 lb per sq ft but the 
settlements at intermediate pressures were not recorded. In any event, the 
actual soil pressure of about 5500 lb per sq ft seems excessive in view of 
the results of the load tests. Had the loading been concentric and the settle- 
ment uniform, probably no difficulties would have arisen because uniform 
settlements on the order of one foot are not considered unusual or undesirable 
for such structures in the locality. 

The Kansas elevator is an instructive example also because it demon- 
strates the crushing type of failure that occurs in the loess. The footings for 
the shed punched downward without any accompanying heave of the adjacent 
soil or floor (Fig. 8). The settlement is strictly the result of a decrease in 
volume of the loess, probably within a fairly shallow depth. For this reason, 
the settlement of a structure that causes such crushing should not greatly ex- 
ceed that of a small test plate at the same unit load. 

The author has not discussed experience with pile foundations in undis- 
turbed loess, probably on account of the high strength of such materials in 
the semi-arid part of the Missouri Basin. The Ashton tests of the Bureau of 
Reclamation indicated the necessity for predrilling in order to be able to 
drive displacement piles through the strong loess in that area. Only 3 dis- 
placement piles were driven without preboring or jetting; these reached prac- 
tical refusal at depths of 23 to 35 ft and did not penetrate through the loess 
stratum. Two of the piles were timber, and one was a Raymond Step-taper 
pile; all were driven by a hammer having a 5000 lb ram falling 3 ft. 

Piles have been driven at several sites in western Iowa and eastern 
Nebraska. Although the thickness of loess at many of these sites did not ex- 
ceed 15 to 20 ft, displacement piles were driven through the loess without 
difficulty and without preboring or jetting. Typical pile driving records for 
Raymond step-taper piles are shown in Fig. 9. The piles driven at Chelsea, 
Iowa were driven by a hammer having a 3000 lb ram falling 4 ft and those at 
Ashton were driven as noted above. The Chelsea record (Fig. 9a) is repre- 
sentative of the semi-humid areas whereas the Ashton test results (Fig. 9b) 
are representative of the semi-arid regions. 

The author’s experience leads him to conclude that the supporting capacity 
of natural loess is closely related to the density. It is doubtful if this con- 
clusion is valid for the entire range of loess deposits in the central United 
States. Figure 10 (a) shows the dry density as determined from hand-carved 
samples plotted against the load at 0.5-in. settlement as determined from 
standard load tests. A similar relationship is shown in Fig. 10 (b) where dry 
density is plotted against the load at the break in the e-log p curve for the 
same material. It appears from these data that no satisfactory correlation 
exists between density and the supporting capacity of loess. 

The author indicates that field-density measurements in open test pits or 
direct density measurements on undisturbed samples obtained by any means 
are the most desirable and reliable. It is doubtful if direct density 
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measurements on undisturbed samples as usually obtained from a boring 
have any relation to the density in situ. The writers have observed many 
shelby tube samples of loess that have been compacted by the sainpling opera- 
tion to the point that the typical structure of the loess has been completely 
destroyed. In fact, this collapse of structure during sampling may tend to 
obscure identification of the samples as being loess. Furthermore, on ac- 
count of the high vertical permeability of loess, extreme care is necessary 
if wash borings are used in order to avoid an increase in the natural mois- 
ture content of the samples. Therefore, it appears that undisturbed sampling 
of loess must be done by means of special techniques in order to preserve 
the structure and moisture content of loessial soils. 

Several individuals have participated in the loess studies at the University 
of Dlinois, particularly including T. S. Fry, T. H. Wu, L. Zeevaert, and J. J. 
Pearson, Jr. 


REFERENCES 


1. U. S. Dept. of the Interior, Bur. of Recl. Earth Lab. Rept. No. EM-278. 
“Report of Loess Research Studies for the Ashton Pile Testing Program— 
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Dec. 17, 1951. 
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Discussion of 
“REDRIVING CHARACTERISTICS OF PILES” 


by Nai-Cheng Yang 
(Proc. Paper 1026) 


EDMUND J. ZEGARRA, A.M. ASCE.--A controversial subject has been 
stirred by Mr. Yang’s paper regarding the use of dynamic pile driving formu- 
las for estimating the bearing capacity of friction piles. Valuable data are 
furnished in support of the proposed method. It would have been more illumi- 
nating, however, if the pile test data shown in Fig. 8 of the paper, presented 
unloading curves at intermediate increments to determine the plastic defor- 
mation from which the load causing failure can best be judged. Mr. Yang 
proposes that the bearing capacity of a friction pile be estimated by use of a 
formula based, partly, on the resistance required to start a driven pile after 
a certain time has elapsed. Such theory seems to have considerable accep- 
tance among practical men engaged in this type of foundation. 

In a recent project involving the use of piles for the construction of addi- 
tional facilities for an existing industrial plant, the redriving problem was 
considered. The additional facilities were located on a site near the existing 
plant. In the existing plant piles were used to support all structures; the soil 
conditions were known and the pile driving criteria were established. Guide 
specifications for the original job were furnished by the owner and among 
these there was one for pile foundations stating that the capacity of piles was 
to be determined by use of the Engineering News formula. All piles were to 
have a safe bearing capacity of 15 tons. Wood piles 35 to 45 ft. long were 
driven by a McKiernan Terry, type S5, single-acting steam hammer deliver- 
ing 16250 ft.-lbs. of energy. Based on pile driving and static loading tests the 
owner was persuaded to accept 30 ft. long piles driven to 8 blows per foot. 
The requirement was later adopted for the addition to the plant where no soils 
data were available but where because of the proximity to the existing plant 
the conditions were judged to be similar. A generalized soil profile would be 
as follows: 


0' - 8 Brown, soft, sandy clay 
8' - 35' Brown, silty fine to medium sand ranging in compactness from 
very loose to medium 
35' - 60'+ Brown, medium to stiff, silty clay 


It should be pointed out that the silty sand stratum was an irregular strati- 
fied deposit containing intercalated layers and lenses of varying compactness. 
The thickness of the sand and silty clay strata were also variable. At the new 
site a large number of piles were driven to satisfactory resitances. But at 
places where evidently the sand was in loose condition a number of piles 
penetrated 10 to 20 ft. under the combined weight of the hammer, casing and 
pile without blows, and were then driven to pile tip elevation with blows 
ranging from 1 to 7 per foot. This latter condition was of concern to the 
owner, the contractor and the engineer. At the owner’s initiative redriving 
tests were made resulting in resistance from 11 to 25 blows for piles 


| ASCE 1155-35 
& 


O/A. TIF 8 in. 


jn. 


Longiea: pine 


DISCUSSION 


+--+ 
+++ + 


| 
+ +++ 


ASCE 1155-36 
| | 
230%. 
| 
ima 


ASCE DISCUSSION 1155-37 


originally driven to 2 to 11 blows per foot. These piles with few exceptions 
were considered by the owner to have a satisfactory capacity i.e. more than 
15 tons. At the engineer’s suggestion, pile loading tests were requested to 

substantiate the owner’s estimate. 

The results of a loading test are shown in Fig. 1 and indicate that the ulti- 
mate capacity of the pile was about 25 tons. This pile had 3 blows per foot 
when originally driven about 8 days before the loading test was made. Piles 
with 4 blows per foot immediately adjacent to the test pile, redriven after 18 
hours obtained resistances of 16 to 18 blows per foot. 

For use in the formula proposed by Mr. Yang the following constants are 
employed: 


13,600 lbs. 
So 4 in. 
0.25 in. 
s = 0.66 in. for 18 blows per foot 


The ultimate resistance, Q, according to the formula is 35 tons or 40 per- 
cent higher than that obtained by the load test. It should be mentioned that the 
test pile was not redriven prior to or after the load test and that the assumed 
resistance of 18 blows is an extrapolation, yet a reasonable one. According 
to the Engineering News formula and using the same resistance to redriving, 
the ultimate capacity of the pile would be 120 tons. 

This example is cited not as a refutation of the method proposed but as a 
warning to those who indiscriminately would use it. Until conclusive evidence, 
supplied chiefly by load tests, has been accumulated in favor of this or any 
other variation, the dynamic formulas remain in the suspected category. 


ROBERT L. MC NEILL,! J.M. ASCE.—The author is to be commended on 
his fine paper. It is obvious that a great deal of careful thought and analysis 
have gone into its preparation. 

It is generally agreed that pile-driving formulas do not give the correct 
answer; nevertheless they are used far more than sound judgment would dic- 
tate. Recognizing the necessity of relying on driving resistance under cer- 
tain conditions, Mr. Yang’s redriving concept seems to be the best approach 
while the profession awaits the development of more scientific methods. 

The supporting capacity of a friction pile driven into clay is often estimat- 
ed by the method of integrating the undisturbed shear strength of the soil 
along the length of the pile. The method was refined to allow estimation of 
the load-settlement curve in a recent paper.2 This method and its refine- 
ment appear to represent the sum total of the scientific approach to the prob- 
lem of estimating pile capacities; where internal friction may play an impor- 
tant role the engineer gropes along on experience, faith or a pile-driving 
formula. The present work by Mr. Yang based on the redriving characteris- 
tics of a given pile driven into a given soil should make the pile-driving 
formula more useful. 

Perhaps a few comments on Mr. Yang’s interpretation of data are in order. 
It is indicated (Fig. 8, p. 6 et. seq.) that test pile No. 1, which had a predicted 
capacity of 130 tons, failed at 120 tons. On the basis of the load-settlement 


1. Staff Engr., Woodward, Clyde and Associates, Oakland, Calif. 
2. Seed, H. B. and Reese, L. C. “The Action of Soft Clay Long Friction Piles,” 
Proc. Sep. 842, ASCE, 1955. 
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curve (Fig. 8) it seems more reasonable to conclude that the pile failed at 
90 tons. This value not only represents the first deviation from a straight 
line load-settlement curve, but also represents the load at which one-half 
inch of deformation has taken place. The pile weighed 8 tons; the total load 
then was 98 tons. 

By inference from the major thesis of the paper, one must assume that an 
effect observed upon redriving will be qualitatively true for static load. Mr. 
Yang, on page 1026-4, advances a very interesting thought based on his re- 
search data: 


“......., the observed results, as shown in Fig. 4, will suggest that 
the redriving resistance of a timber pile is apparently greater than that 
of a steel pile.” 


Without criticizing in any way, one must state that this conclusion is drawn 
from insufficient and rather non-comparable data. Although the skin areas of 
the two kinds of piles agree satisfactorily, two opposing factors still do exist: 


1. The timber piles were about half the length of the steel piles. This 
would tend to diminish the effect of the increase in strength of the wood 
piles. 

2. The timber piles were given a longer intermission than were the steel 
piles. This would allow more time for the timber piles to increase in 
strength. 


Nevertheless, careful analysis of these data does seem to indicate a trend. 
Probably the following effects take place: 


1. The soil around the pile may consolidate faster because some water 
may be absorbed by the wood, as pointed out by the author. 

2. It also may be conjectured that failure of wood piles takes place entire- 
ly in the soil; in the case of metal piles failure occurs in the soil at 
lower depths and at the pile-soil interface at higher levels, as has re- 
cently been discovered.3 It may be that at the time of driving, voids in 
the wood may become filled with remolded clay. As the clay consoli- 
dates, bonds may be formed between the outer clay and the clay in the 
pile voids. This could conceivable give the wood pile greater strength 
earlier, all other conditions being equal. 


There is one gross discrepancy which cannot be accounted for by analysis 
of these data: the steel pile (assuming a 14 BP 117) displaces only 34 cu. in. 
of soil per inch of pile length, whereas the wood pile displaces 113 cu. in. of 
soil per inch of pile length. The fact that the wood pile displaces three times 
as much soil as the steel pile should not be discounted lightly. It is agreed 
that the displaced soil gradually consolidates thus contributing to the pile re- 
sistance. Obviously, this effect would be greater for a high-displacement pile 
than for a low-displacement pile. 

This very interesting question of comparing wood with steel pile perform- 
ances may be answered in the future. Work is presently being carried out by 
G. L. Baker under the direction of H. B. Seed at the University of California. 
The project consists of comparing the ultimate carrying capacity of a wood, a 
steel and a corrugated shell pile, all other conditions being equal. 

Once again, it should be stated that Mr. Yang has made a significant and 
useful contribution to the profession. His careful compilation and analysis of 
the data at hand are to be commended heartily. 


3. Ibid, Seed and Reese. 
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MOISTURE CONDITIONS UNDER FLEXIBLE AIRFIELD PAVEMENTS 
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SYNOPSIS 


An investigation of moisture conditions under flexible pavements on 13 
airfields over a period of several years indicates that base course and sub- 
grade moisture contents become stabilized after about two years. Moisture 
contents in the upper 18 in. were not found to be related to rainfall, but those 
at 30 in. appeared to be related to rainfall. CBR design procedures were 
shown to be conservative for nonplastic materials, but about right for plastic 
materials. 


INTRODUCTION 


For satisfactory performance, a flexible airfield pavement must be de- 
signed so the resistance to shear in the base course or subgrade will never 
be less than that required for the gear loads contemplated. In general, the 
resistance to shear in base courses and subgrades is inversely proportional 
to the moisture content. Design procedures must anticipate the future mois- 
ture conditions and determine the strength of the material at its highest fu- 
ture moisture content. The Corps of Engineers uses the CBR (California 
Bearing Ratio) design procedure in which specimens are compacted to proto- 
type density at optimum moisture content and then soaked for four days prior 
to testing. 

In 1944, the Waterways Experiment Station initiated a study to determine 
the changes that occur in moisture contents and in CBR values under flexible 
pavements and to compare in-place values with those predicted by the four- 
day soaking test. Initially, the study was conducted on pavements from one to 
three years old at the beginning of the tests, but later several newly 


Note: Discussion open until June 1, 1957. Paper 1159 is part of the copyrighted 
Journal of the Soil Mechanics and Foundations Division of the American Society of 
Civil Engineers, Vol. 83, No. SM 1, January, 1957. 

1. Engr., Gen. Investigation Section, Flexible Pavement Branch, Soils Div., 
Waterways Experiment Station, Corps of Engrs., U. S. Dept. of the Army, 
Vicksburg, Miss. 
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constructed pavements were added. The detailed results of the first phase of 
the investigation are presented in a report published by the Waterways Ex- 
periment Station entitled “Field Moisture Content Investigation, Report No. 
2,” dated April 1955. The report on the second phase is being prepared. 

The study discussed herein was conducted under the direction of the Office, 
Chief of Engineers as a part of the development of design criteria for airfield 
pavements being accomplished for the U. S. Air Force. Messrs. Gayle 
McFadden, T. B. Pringle, and F. B. Hennion of the Airfields Branch, Office, 
Chief of Engineers, monitored the study. The following consultants furnished 
guidance for the investigation: Professors A. Casagrande, K. B. Woods, 

G. W. Pickett, and the late D. W. Taylor; Mr. O. J. Porter; and Dr. P. C. 
Rutledge. The field and laboratory work was accomplished by the Corps of 
Engineers’ Flexible Pavement Laboratory, Waterways Experiment Station, 
Vicksburg, Miss., under the general supervision of Messrs. W. J. Turnbull, 
C. R. Foster, and O. B. Ray. The whole project was under the direct super- 
vision of the author. 


The Investigation 


The study was based on in-place tests performed at a group of airfields 
which were selected to give a range of rainfall conditions and a variety of 
subgrade materials. Fields tested, rainfall grouping, and base course and 
subgrade materials classifications are given below. 


Rainfall Group Classification 


Field Location In. Per Year Base Subgrade 
Kirtland AFB, Site 1 Albuquerque, N. M. Below15 SW-SM SM 
Kirtland AFB, Site 2 Albuquerque, N. M. Below 15 GW SM 


Santa Fe Municipal Santa Fe, N. M. Below15 GC CL 
Airport 


Clovis AFB Clovis, N. M. Below15 SC CL 


Bergstrom AFB Austin, Texas 15-35 GM CH 
Goodfellow AFB San Angelo, Texas 15-35 sc CH 
South Plains AFB Lubbock, Texas 15-35 CL 


Memphis Municipal Memphis, Tenn. Above 35 GC 
Airport 


Keesler AFB Biloxi, Miss. Above 35 GW 
Craig AFB, Site 1 Selma, Ala. Above 35 SC 
Craig AFB, Site 2 Selma, Ala. Above 35 SC 


Vicksburg Municipal Vicksburg, Miss. Above 35 GC 
Airport 


Sewart AFB Smyrna, Tenn. Above 35 GW 


The fields varied widely in soil type and amount of rainfall received but 
only slightly in temperature range and physiography. They are all located 


Ni 
sc 
CH g 


ASCE REDUS 1159-3 


in the southern and southwestern part of the United States where frost pre- 
sents little or no problem. The physiography, climatic data, pavement design 
data, and pavement conditions are summarized in table 1. 

At each of the fields a test site was selected in an area where the pave- 
ment conditions appeared good and drainage conditions were about average 
for the field. The test sites in all but three cases were divided into three 
groups of test locations, as shown on plate 1: (a) “normal” (1 through 3) 
where the pavement was in a satisfactory condition; (b) “shoulder” (4) in the 
unpaved area on the shoulder; and (c) “crack” (5 through 13) where an arti- 
ficial crack about 1/2 in. wide was cut through the pavement. In the other 
three cases, only the normal and shoulder locations were tested. 

As seen on plate 1, tests at the normal and shoulder locations were made 
in patterns of concentric circles, one test hole in each quadrant at each test- 
ing. Three single holes were tested at distances of 1, 4, and 7 ft from the 
artificial crack at the crack locations. In-place moisture-content, density, 
and in-place CBR determinations were made at the surface of the base 
course and subgrade, and, in addition, moisture-content determinations were 
made 18 in. below the surface of the subgrade. In the laboratory, Atterberg 
limits, mechanical analysis, specific gravity, and soaked and unsoaked CBR 
tests were performed on base course and subgrade materials from the test 
locations. Each field was visited one to four times a year. 


Changes with Time 


A typical example of the moisture-content changes with time is shown on 
plate 2. Changes in moisture content with time at the individual points tested 


in the normal locations showed that about half had general increases or de- 
creases, while the others had no significant change or only short-term 
changes. Some of the changes were slight, and in nearly all cases there were 
reversals from the general trend. Therefore, it appears the typical condition 
is one of continual moisture-content fluctuations through small ranges or 
practically no significant change. 

Average in-place moisture contents at the normal locations versus those 
at the crack locations for base course, subgrade surface, and 18 in. below the 
subgrade surface are plotted on plate 3. These plots show that the moisture 
contents are about the same at the two locations. Pavement behavior under 
traffic was also about the same at the two locations; failures occurred at the 
crack locations only when they also occurred at the normal locations. Two 
concepts are indicated by these data: (a) surface water entering a pavement 
crack does not generally affect materials as far horizontally as a foot from 
the crack, and (b) moisture contents under pavements are mainly affected by 
something other than rainfall. It is believed, however, that sealing pavement 
cracks is worthwhile, as it probably prevents several inches of material ad- _ 
jacent to the crack from becoming saturated during a rain. 

In-place CBR values showed trends toward a general increase or decrease 
in about one-third of the cases and fluctuated from year to year (rather wide- 
ly in some instances) in the other two-thirds. A typical example of the latter 
group for base course fluctuation is presented on plate 4. 

Tests were begun at Kirtland, site 2, Craig, site 2, and Sewart immediate- 
ly after construction. The table below summarizes changes in moisture con- 
tent with time after construction for each of the three fields. 
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Table 1 


Summary of Physiographic, Climatic, and Pavement Data 


Climate 
Day-night 
Avg Annual Extreme Temp Temperature 
Field Physiograph Rainfall, in. Max Min Differential 


Kirtland In Open Basin section of Basin and Range Province. 7 104 -10 large 
About 8 miles from base of Sandia Mountains on down- 
faulted side. Elevation about 5000 ft and several 
hundred feet above elevation of Rio Grande. Natural 
materiale gravelly sands with caliche, derived from 
adjacent mountains. Ground vater 100+ ft. 


Santa Fe In same section as Kirtland AFB. Elevation is about 10 oT -13 Large 
6000 ft above sea level. The field is located on 
outwash materials from the surrounding mountains. 
Ground water is found at 100+ ft. 


Clovis Clovis AFB is located in the area called Llano Estacado 15 109 -ll Small 
(Staked Plains). This area consists generally of 
deep fluviatile deposits and shows little evidence of 
erosion. Elevation is about 4100 ft above sea level. 
True water table exists at somewhat more than 100 ft; 
however, in the vicinity of the airfield perched 
water tables have been located. 


~ 
~ 


Bergstrom Located at the southern end of the Black Prairie in the 33 
West Gulf section but is not believed to be typical of 
the area. The field is located in an area of alluvial 
deposits formed by tributaries of the Colorado River. 
The naturel material is a fat clay and appears to be 
wore than 10 ft deep. The air base is about 600 ft 
above sea level. There are perched water tables 
around the north and west portions of the perimeter of 
the paved facilities fed by springs and seeps in the 
hills to the north and west, but do not affect these 
studies. The true water table was located at about 
20 ft. 


Goodfellow Located in the Permian Beds of the Osage section of the 16 1ll l large 
Great Plains but only a few miles from the Edwards 
Plateau which surrounds the area on the north, vest, 
*. and south. The soil at the airfield is a heavy clay 
and at least 50 ft deep. The air base is about 2000 
ft above sea level and the water table is estimated 
to be more than 50 ft below the surface. 


South Plains At the eastern edge of the Llano Estacado (Staked 17 108 -17 Large 
Plains) area of the High Plains near the Caprock Es- 
carpment. Soils ranging from sands to sandy clays 
with some gravel are found in this area, also some 
caliche. The base is 3200 ft above sea level and the 
ground water table is found to be about 80 ft deep. 


Memphis Located in the loess bluffs that form the western 51 106 -9 Small 
boundary of the East Gulf section of the Gulf Coastal 
: Plain. The Mississippi Alluvial Valley lies west of 
the bluffs. The natural material at the field is loess 
and believed to be at least 50 ft in depth. The eleva- 
tion of the field is about 275 ft above sea level while 
that of the Mississippi River some § miles to the west 
is only 200 ft. The true ground water table in the 
area of the base is about 100 ft, however, some perched 
tables have been found, one of which was at the test 
location for these studies. 
OP LOSER (Continued) 
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Pavement Design Data 


Wearing Base Course 
Course Thick- 


Thickness ness LL PI Type LL 


2 8-1/2 18 & Caliche sand 22 


Caliche gravel 


6 Caliche 


1 Crushed 
limestone 


9 Caliche 


5 Caliche 


9 Clay gravel 


Subgrade Surface 
PI Type Drainage 


Sites 1 and 2, 
good 


Normal locations, 
good; crack 
locations, poor 


Sandy Normal locations, 
clay good; crack 
locations, poor 


Pavement Condition 


Satisfactory 


Pavement at crack in 
state of incipient base 
course shear since 1945. 
Base course shear at 
normal locations became 
incipient about 1947 
and progressed. 


Incipient base course 
shear in late 1948 or 
early 1949. 


Satisfactory 


Satisfactory 


Incipient base course 
shear at beginning of 
tests in 1947. Failure 
progressed. 


Incipient base course 
shear at beginning of 
tests in 1947. Failure 
progressed. 
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Summary of Physiographic, Climatic, and Pavement Data 


Phys iography 


Is located in the East Gulf section of the Gulf Coastal 
Plain and is about one mile from the Gulf of Mexico. 
The natural material is beach sand of considerable 
depth. The elevation of the field is about 10 ft above 
sea level and the ground-water table is from 3 to 6 ft 
deep. 


Is located in the East Gulf section of the Gulf Coastal 
Plain. The natural materials in the area consist of 
sands, silty sands, clayey sands, and gravelly sands. 
In the test area the subgrade material was a silty sand 
extending at least to the water table which was found 
at a depth of 7 ft. The elevation of the air base is 
about 150 ft above sea level. 


Is located on the Mississippi Alluvial Plain at the foot 
of the loess bluffs that line the western boundary of 
the East Gulf section. Due to the position of the 
field the soil has probably been deposited by both the 
Mississippi River during floods and by surface drainage 
from the loess hills. The soils are generally silty 
and at the test site they extend to a depth of 6 ft 
and are underlain by a lean clay. The airport is 2-1/2 
miles east of the Mississippi River and the elevation 
is about 100 ft. The water table was found at 5-1/2 
ft. 


Located in the Nashville Basin Section of the Low 
Interior Plateaus Province. The area is underlain 
with limestone and the natural soils are the typical 
red clays derived from limestone. The thickness of the 
clay varies from 0 to 20 ft or more. The topography is 
one of low, fairly steep hills with smooth contours 
where residual soils are in place and rough where rock 
outcrops. The elevation of the base is about 500 ft 
above sea level. The ground-water table probably 
varies considerably over the field because of the 
nature of the limestone, but it was encountered at 
depths of about 20 ft in the lowest parts of the base. 


Day-night 
Avg Annual Temperature 


Rainfall, in. Differential 
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Pavement Design Data 
Base Course 


Wearing 


Course 
Thickness 


Thick- 


ness 


9 


PI 


NP 


Gravelly, 
clayey sand 


Clay gravel 


Crushed 
limestone 


Surface 
Drainage 


Subgrade 
Pr Type 


NP NP Sand 


Site 1, good 
prior to 1952, 
poor since; 
site 2, good 
to poor 


Pavement Condition 


Satisfactory 


Incipient base course 
shear about March 1952 


Incipient base course 
shear 


Satisfactory 
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18 In. Below 
Field Base Course Subgrade Surface Subgrade Surface 

Kirtland General trend for Decrease for one year, No trend 
slight decrease then no trend 

Craig Small fluctuations; General trend for No trend 
no trend slight decrease 

Sewart No tests General trend for No trend 


slight decrease 


The moisture contents of the Kirtland base course showed a general trend for 
a slight decrease; those at Craig showed no general trend, but small fluctua- 
tions. No tests were performed on the base course at Sewart. The three 
subgrade surfaces showed a decrease from the construction moisture con- 
tents, but there was no trend at 18 in. below the subgrade surface. 

Changes in in-place CBR values with time are summarized for the pave- 
ments listed above in the following table. 


Field Base Course Subgrade Surface 
Kirtland General increase with time General increase with time 


Craig 


Considerable fluctuation; Slight increase with time 


no trend 


Sewart No tests No trend for two years, 
then a slight increase 


The CBR of the base course increased at Kirtland, there was no trend at 
Craig, and Sewart was not tested. Over a period of years, there was a ten- 
dency for the CBR to increase at the subgrade surface. 

In connection with all fields, the moisture-content gradients from the cen- 
ter of the pavement toward the edge showed little evidence of general change 
with time, as shown by the typical example on plate 5. In general, the non- 
plastic materials had lower moisture contents at the pavement edge than in 
the interior, but the reverse was true for plastic materials. The base course 
at Santa Fe (shown on plate 5) was a plastic material. In general, most of 
the gradients at each elevation for various periods of time on each airfield lie 
almost parallel, indicating a tendency for approximately equal moisture- 
content changes at the three normal locations during the interval of time. It 
will be noted in the lower plot on plate 5 that the moisture contents are higher 
at the quarter point than at the center line or edge in several instances. This 
condition occurred in numerous cases in base courses and subgrades, but no 
satisfactory explanation was found. 


In-Place Versus Laboratory 


It was stated earlier that one of the purposes of this investigation is to 
compare in-place moisture-content and CBR values with those predicted by 
the laboratory CBR test on soaked specimens. Other investigations? have 


2. Symposium, “Development of CBR Flexible Pavement Design Method for 
Airfields,” Transactions, ASCE, 1950. 
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shown that, to be comparable, the soaked laboratory specimen and the in- 
place material must have been compacted to the same density at the same 
moisture content. This comparison was possible for base courses on six of 
the thirteen fields and subgrades on nine fields, as construction moisture 
contents and densities as well as soaked laboratory CBR tests were avail- 
able. The comparison is presented graphically on plate 6. The points plotted 
represent the average in-place value for each test location for each periodic 
testing. For example, the moisture content values for Goodfellow on plate 6 
are the values shown on the plots on plate 2. The only failure that occurred 
in the fields represented on plate 6 was a shearing of the plastic base mate- 
rial at Clovis. In analyzing these data, it is considered that the in-place 
values are on the “safe” side when the actual moisture contents are below 
and the in-place CBR values above those predicted; the reverse situation is 
considered to be “unsafe.” 

Plots of base course moisture contents on plate 6 show that the in-place 
values are on the safe side of the predicted values in every case except for 
two points prior to failure at Clovis. Tests after the base course shear fail- 
ure occurred at Clovis showed values on both safe and unsafe sides of that 
predicted. The in-place subgrade moisture contents were all on the safe side 
of the predicted value for Kirtland, Goodfellow, Keesler, and Craig. At Santa 
Fe, Clovis, and Sewart, a few points were just slightly on the unsafe side, and 
at Bergstrom three points were well on the unsafe side. Plots of base course 
CBR on plate 6 show that the in-place values were equal to or on the safe side 
of the predicted values with two exceptions: Kirtland, site 2, and Craig, site 
2. Both in-place and laboratory values at Kirtland were so high it was felt 
that the relative positions of the values were meaningless. At Craig, the in- 
place values fell on both the safe and unsafe sides of the predic ted value. 

The plots of subgrade CBR values show that in most cases the lowest values 
are about equal to the predicted values. However, the majority of the in-place 
values for Kirtland, sites 1 and 2, and Keesler are well above the predicted 
values, while the in-place values for the other fields are generally clustered 
around the predicted values. The materials at the two Kirtland sites are only 
slightly plastic and those at Keesler are nonplastic, but the materials at the 
remaining fields are plastic. 

In general, the in-place moisture-content and CBR values were found to be 
well on the safe side of the predicted values for nonplastic materials, but ap- 
proached the predicted values for plastic materials. Conversely, the values 
predicted by the four-day soaking test (design procedure) on non-plastic ma- 
terials are rather conservative, while those predicted for plastic materials 
were about equal to the highest moisture contents and lowest CBR values 
developed in the field. 


Other Relationships 


The results of studies of several other relationships are stated briefly in 
the following paragraphs. 

The adequacy of the surface drainage at each test site, depths to water 
table, and behavior of pavement under traffic are shown in table 1. The ob- 
servations indicate that poor surface drainage is generally a factor contribut- 
ing to failures but is not necessarily the sole cause. 

Plots of ratio of in-place moisture content to plastic limit versus average 
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annual rainfall for base courses and subgrade surfaces are presented on 
plate 7. There appears to be no relationship between the ratio and average 
annual rainfall. Similar plots (not shown) using moisture content and ratio of 
moisture content to liquid limit showed no relationship to the annual rainfall 
for the base course and surface of subgrade. However, it was indicated that 
the moisture content of the subgrade at a depth of 18 in. below the subgrade 
surface was greater in the high rainfall zone than in the other two zones. 

In-place moisture contents varied directly, although erratically, with the 
percentage passing the No. 200 sieve for the base course and subgrade mate- 
rials as shown by the plots on plate 8. In-place moisture contents of base 
courses and subgrades were always below the liquid limit, and those for base 
courses were always below the plastic limit. Some subgrade moisture con- 
tents exceeded the plastic limit. Moisture contents tended to vary directly 
with the water-plasticity ratio, (moisture content - plastic limit) , for both 

liquid limit - plastic limit 
base courses and subgrades. 

The degree of saturation did not correlate with annual rainfall, but did ap- 
pear to be related to the plasticity of the material. High degrees of satura- 
tion (85 per cent or more) were found in materials of higher plasticity, but 
moderate or low degrees were found generally in slightly plastic or non- 
plastic materials. 


SUMMARY 


Summarizing, the data collected indicate that for the conditions tested 
moisture may go up or down after construction, and that after about two 
years, conditions appeared to become stabilized. Moisture showed only 
small fluctuations thereafter. Moisture conditions in the base course or near 
the subgrade surface do not appear to be related to rainfall. Moisture condi- 
tions 18 in. below the subgrade surface do appear to be related to rainfall. 
The CBR design procedures are on the conservative side for nonplastic mate- 
rials but are about right for plastic materials. 

From the foregoing discussion, it is concluded that: 


a) Moisture variations were relatively small under the conditions studied 
and did not evidence strong trends in either direction. 

b) CBR laboratory design procedures for predicting in-place conditions 
are conservative for nonplastic materials and are approximately correct for 
materials exhibiting some plasticity. 
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SOIL MECHANICS AND FOUNDATIONS DIVISION 


Proceedings of the American Society of Civil Engineers 


FRICTIONAL RESISTANCE OF STEEL H-PILING IN CLAY 


Eben Vey,! A.M. ASCE 
(Proc. Paper 1160) 


SYNOPSIS 


Large scale field tests were conducted on steel H-piling driven through 
medium clay to end bearing in very hard soil. One of the piles, a 1OCBP42, 
was instrumented at intervals throughout its length with electric resistance 
strain gages. The pile was loaded in increments according to a prescribed 
load testing procedure and then unloaded in decrements. A second loading 
cycle was carried out in the same manner except that it was continued until 
the pile failed. 

Two soil borings were made; one at the center of the pile group before any 
piles were driven and the second directly adjacent to a pile, after all piles 
had been driven and tested. Laboratory tests were made on soil samples 
from both borings. The results indicated (1)that very little disturbance of the 
clay resulted from pile driving and testing and (2) that the shear resistance of 
the clay as measured in the laboratory by unconfined compression was in 
reasonably good agreement with values obtained from strain gage measure- 
ments in the field. 


INTRODUCTION 


The investigation described in this article was an attempt to evaluate the 
frictional resistance developed along steel H-piling in clay soil when the pil- 
ing is loaded in increments to failure. The test program was planned for end 
bearing piles and all the test piles were driven through the overburden clay 
either to bed rock or to the very hard material, commonly referred to as 
“Hardpan,” overlying bed rock. The test site selected was an area measuring 
111 feet by 154 feet at the northeast corner of Harrison and Halstead streets 
in Chicago. Figure 1 shows the group location of all test piles including the 
anchor piles used for loading. 


Note: Discussion open until June 1, 1957. Paper 1160 is part of the copyrighted 
Journal of the Soil Mechanics and Foundations Division of the American Society of 
Civil Engineers, Vol. 83, No. SM 1, January, 1957. 

1. Prof. of Civ. Eng., Dlinois Inst. of Technology, and Consultant to Armour 
Research Foundation, Chicago, Il. 
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The test loads were applied by two hydraulic jacks acting against anchor 
piles through a reaction frame. All test piles were load tested in accordance 
with the procedure prescribed by the Chicago Building Code, after which the 
loading was continued until failure occurred. In addition to these standard 
tests, pile B4, Fig. 1 was instrumented with electric resistance strain gages. 
This made it possible to measure the dynamic strain during driving and to 
evaluate the frictional resistance developed at intervals along the pile under 
every increment of load during load testing. The discussion in this article is 
concerned with the latter phase of the field test program and the evaluation of 
the data obtained in the laboratory. 

Tests were made on soil samples taken throughout the depth before and 
after driving, to determine (1) what changes, if any, occurred in the proper- 
ties of the soil around the pile which could be attributed to the pile driving 
and loading operations, and (2) to compare the shear strength of the soil as 
measured in the laboratory with the peak frictional resistance obtained in the 
field. 


Instrumentation of Pile B-4 


To measure the axial strains, bakelite SR-4 strain gages were bonded by 
means of an epoxy-type resin to the web of the pile B-4 at the neutral axis of 
the section. A typical strain gage bridge is shown diagramatically in Fig. 2. 
Under axial loading, gages 3 and 4 register axial strain while gages 1 and 2 
yield only the transverse strain, equal to Poisson’s Ratio times the axial 
strain. When a constant voltage is supplied to the strain gage bridge, a 
change in resistance of the gages due to strain produces a corresponding 
change in the out-put voltage. These changes are measured by means of 
Wheatstone bridge circuits. Additional gages were mounted at six locations 
on the flanges to detect possible bending about the minor axis of the pile. 

To protect the axial gages during and after driving a 2-1/2 x 2-1/2 x 3/16 
angle was welded to the web with 3" intermittent fillet welds spaced 18” apart. 
During welding, the areas around the welds were kept cool with dry ice to 
protect the gages. All gage leads were brought up through the angles to the 
recording instruments. The soil data charts of Figs. 6 through 10 show along 
the left edge of the chart the locations of the gages. 


Soil Borings 


Three soil borings identified as SB-1, SB-2, and SB-3 were made at the 
test site, the locations of which are shown in Fig. 1. SB-1 and SB-2 were 
made before the piles were driven, but SB-1 was abandoned at a depth of only 
10 feet below grade because of an obstruction. All pre-driving soil data were 
obtained from SB-2, which was made at the center of the test area to a depth 
of 110 feet below ground level. Soil boring SB-3 was made directly adjacent 
to the flange of pile 04, Fig. 1, after the piles had been driven and tested, and 
was drilled to a depth of 106 feet below ground surface. The logs of the two 
borings supplied by the contractor are shown in Figs. 3 and 4. The location 
of SB-3 adjacent to pile 04, was selected because it was the most accessible 
and was thought to represent soil conditions adjacent to the instrumented pile 
B-4. 

It was expected that any changes in the soil properties due to the 
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disturbance caused by the pile driving and loading might be detected by com- 
paring SB-2 and SB-3. The area between flanges was avoided in making SB-3 
since it was fairly evident during driving that some of the soil between the 
flanges was picked up by the pile and carried along with it, resulting in 
severe remolding as well as a displacement of some soil from its natural 
elevation to a lower elevation. Tests on soil taken from between the flanges 
of the instrumented pile B-4, after it was extracted, strongly indicated this 
to be true when the results were compared with tests on samples taken from 
the borings SB-2 and SB-3 at corresponding depths. Continuous soil samples 
were taken from SB-2 and SB-3 using 3'' Shelby tubes, until the soil became 
too hard to sample by this method; a 2" split spoon sampler was then used in 
the hard material. A record of sampling and soil recovery is also shown in 
Figs. 3 and 4. 


Soil Properties 


Figure 5 shows the natural water content and consistency limits of the soil 
from boring SB-2. The water content in the upper 10 feet is not shown since 
this material consisted of heterogeneous fill. It may be noted on the SB-2 
boring log, Fig. 3, that the drilling water was lost at 77.5 feet below ground 
surface, indicating that the sand and gravel layer below this level was un- 
saturated. Undisturbed samples from the 10- to 60-foot depth absorbed water 4 
while consolidating during the consolidation tests, indicating under-saturation. 

Unconfined compression tests on Shelby tube samples taken from the SB-2 
boring showed fairly good agreement with those from a number of other bor- 
ings made by other agencies in this same general area. This agreement held 
for the depths below ground from 14 feet to 55 feet. Below 55 feet, the soil 
increased in strength very suddenly and the strength-depth relationship be- 
came very erratic. Below 60 feet in boring SB-2, no undisturbed samples 
could be obtained because of the extremely hard nature of the soil. The soil 
strength below this depth in the SB-2 borings could only be inferred from the 
moisture contents and penetration record. Special efforts were made in bor- 
ing SB-3 to sample the hard material below 60 feet and a few undisturbed 
samples down to 91 feet were obtained and tested. 

For purposes of estimating the density of the hard material based on pene- 
tration, the following scale is given. The penetration test employed by the 
boring contractor consists of a 378-pound hammer falling freely through a 
height of 11 inches. The number of blows required to drive the sampling tube 
1 foot into the soil is taken as the penetration resistance and the following 
scale of relative density for sand and gravel is given, corresponding to the 
penetration. 


Relative 4 
Density Penetration Resistance 


Loose Sand 0- 30% 0 - 10 blows/ft. 
Med. Dense Sand 30- 60% 10 - 30 blows /ft. 
Dense Sand 60 - 100% over 30 blows/ft. 


Loose Gravel less than 30 blows/ft. 
Dense Gravel over 30 blows/ft. 


It may be noted in the boring logs in Figs. 3 and 4, that in the very hard 
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material below 85 feet, it became necessary to record the blows for a number 
of inches rather than per foot. 


Comparison of Soil Properties Before and After Driving 


No generalization can be made regarding the heterogeneous fill near the 
ground surface. In this discussion, therefore, the soil first considered will 
be the relatively soft clay in the depth from about 15 feet to 55 feet. 


1. Water Content 

Figure 6 shows a plot of water content with depth before driving and test- 
ing the piles. It can be seen that in the depth from about 20 feet to 55 feet 
there is a definite increase in water content from boring SB-2 to SB-3. Be- 
low the 75 foot level, the condition is reversed. 

Water contents of a few samples taken from between the flanges of the 
lower part of pile B-4 after it was extracted are also shown in Fig. 6. The 
values obtained when compared with the other two borings indicate that this 
soil was probably displaced from a somewhat higher elevation during driving. 


2. Strength Tests 

Figures 7 and 8 show the unconfined compressive strength of undisturbed 
soil samples from boring SB-2 and SB-3 along with the strain gage positions 
on pile B-4. 

The strength profiles from boring SB-2 and SB-3 show differences in 
strength corresponding closely to the differences in water content. An in- 
crease in water content corresponds to a decrease in strength and vice-versa. 
Near the surface, the soil was less homogeneous and the water contents fluc- 
tuated greatly. Hence, very little correlation of strength with moisture con- 
tent in this region can be seen. The generally higher soil strength near the 
surface is due to the hardening of the soil brought about by surface drying 
and is typical of conditions throughout most areas where clay exists at or 
near the surface. The strength variation with depth from 15 feet to 55 feet 
also agrees very well with records of other borings in this general vicinity. 

Below the 55-foot level, undisturbed soil samples were more difficult to 
obtain. Consequently, the strength record is not as complete. The sudden in- 
crease in strength and the very high strengths of the samples recovered are 
typical of soil at this depth in this area but there were not enough undisturbed 
samples recovered to establish any difference in strength profile between 
borings SB-2 and SB-3. 

Undisturbed samples were remolded by breaking down the natural soil 
structure and reforming the sample in a mold at the natural water content. 
This condition presumably would correspond to the maximum remolding 
which might be produced in the field by pile driving. The remolded samples 
were then tested in unconfined compression following the procedure used for 
the undisturbed samples. Comparative values of undisturbed and remolded 
strengths are shown for boring SB-2 in Fig. 9 and for boring SB-3 in Fig. 10. 

The strength tests on remolded samples were made immediately after re- 
molding and therefore may not show the full effect of possible hardening 
which might have occurred if the samples were allowed to age. It is interest- 
ing to note that the samples from SB-2 in the depth from approximately 30 
feet to 40 feet show undisturbed and remolded strengths practicaily identical. 
In boring SB-3, this identity does not occur in the 30- to 40- foot depth but 
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does seem to occur just below 50 feet. Figure 11 shows the relationship be- 
tween remolded values between SB-2 and SB-3. 


3. Penetration Resistance 

A comparison of the soil strength below the 60 foot depth, as indicated by 
penetration resistance, before and after driving and testing the piles is shown 
in Fig. 12. The penetration resistance measurements were made in borings 
SB-2 and SB-3. The increase in resistance in boring SB-3 could, of course, 
be due to local variations in soil density. Static stresses developed in the 
soil due to loading might produce some consolidation of any clay layers in 
this region because of the close proximity of drainage layers of relatively 
pure sand and gravel. The boring log for SB-2 shows that the drilling water 
in the hole was lost at 77.5 feet. If this highly porous unsaturated condition 
below 77.5 feet existed over a large part of the test area, the moist soil 
directly above and below would undoubtedly have consolidated rapidly when 
the piles punched through the unsaturated layer. Figure 6 also shows the 
SB-3 clay samples to be drier than SB-2 in this depth. 


4. Effects of Pile Driving on Soil Properties 
The sensitivity of clay is defined as the ratio; 


unconfined compressive strength undisturbed 
unconfined compressive strength remolded 


The maximum sensitivity of all samples tested from boring SB-2 was 1.8 and 
from boring SB-3 was 2.0. In many samples however, the value was very 
close to 1 (see fig. 9, 10). This means that the clay falls in the classification 
of non-sensitive clays and, therefore, would not be expected to suffer any 
considerable immediate loss in strength due to pile driving even if the dis- 
turbance were sufficient to produce complete remolding. 

In addition to changes in strength, there could also be a change in the con- 
solidation characteristics of the clay due to the possible remolding effect of 
pile driving. In this connection, it is well to know how much increase in con- 
solidation occurs for the disturbed soil as compared with the consolidation of 
the undisturbed soil under the same load. If the consolidation of the disturbed 
soil is substantially greater than that of the undisturbed soil, then it is pos- 
sible for the consolidating clay to transfer some of its weight to a pile or 
group of piles through friction when a certain critical consolidation is 
reached. Under these circumstances the piles may transfer their load to the 
lower strata of denser soil. The pile would then be required to support not 
only the load for which it was designed but also the weight of the soft clay 
strata. 

In order to investigate the effect of remolding on the consolidation charac- 
teristics, several consolidation tests were made. A number of soil samples 
from boring SB-2 in the depth 20 feet to 55 feet were consolidated under 50 
per cent greater pressure than the computed overburden. This pressure was 
a very rough estimate of the consolidating pressure which might be created 
due to the lateral displacement of the pile. Both undisturbed samples and re- 
molded samples were consolidated under the same load. Tests were made on 
samples 2-1/2 inches in diameter and 1 inch thick which were cut from the 
centers of 3-inch Shelby tube samples. The same size and weight sample was 
used for the remolded test as for the undisturbed. Although an appreciable 
positive consolidation was recorded in all cases, the moisture content of the 
sample in both the undisturbed and remolded tests showed, in most cases, an 
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increase after consolidation. The remolded samples in all cases showed an 
increase in the percent of deformation up to 4 per cent over the undisturbed 
samples. The increase in water content after consolidation indicates that the 
natural soil was undersaturated. Moreover, both the natural and remolded 
clay seemed to absorb moisture under stress. These facts suggest that the 
clay might be pre-consolidated. If this were the case the stresses created 
by pile driving could produce pore water tensions in the clay adjacent to the 
pile. This would result in a migration of moisture from the surrounding soil 
until the tensions were neutralized and account for the increased water con- 
tents in SB-3 over SB-2. The evidence is not conclusive, however, since it 
has been noted that variations in natural water content sometimes occur in 
borings as close as 5 feet apart in the Chicago Loop area.! The small in- 
crease in consolidation of the remolded samples could produce some subsi- 
dence of the ground and might transfer some soil load to the pile, if complete 
remolding of the clay occurred. However, examination of some clay samples 
from SB-3 which contained very thin layers of silt, showed when dried, that 
there had been no distortion of the layers. It was concluded therefore, that 
the pile driving produced no appreciable remolding of the clay adjacent to the 
outside of the pile flanges and consolidation would not affect the pile bearing 
adversely. 


Comparison of Field Shear Resistance with Laboratory Shear Strength 


Using the strain gage records from pile B-4, during load testing, it was 
possible to compute the amount of load taken out by soil friction between con- 
secutive gages. The load in the pile at every gage level was computed from 
the strain gage readings based on the stress-strain law for steel and using 
the cross-sectional area of the H-section plus the area of the protecting 
angles at that section. The difference between this load and the load at the 
next gage section was the load taken out by the soil in friction. The peak 
value in the loading cycle of this difference was used to compute the average 
shear strength per unit area of the soil between gages, based on an assumed 
shear perimeter. 

In computing the shear resistance of the soil in the depth interval from 10 
feet to 75 feet, it was assumed that there was no adherence between the soil 
and the outside of the flanges of the pile. Soil shear was assumed to be mo- 
bilized on a line connecting the outside edges of the flanges shown by the dot- 
ted lines in Figure 13. 

This assumption was based on the following observations: 


1. Tests in the laboratory showed a sudden loss in friction between steel 
and the clay at a relatively small strain. This was observed even under 
surcharge pressures equivalent to the overburden. The friction which was 
developed was smaller than the shear strength of the soil. 

2. The load taken out in soil friction, as shown by the strain gage read- 
ings, in most cases reached a peak value. It was this peak value which was 
compared with the laboratory shear strength of the soil. It is believed that 
any initial friction between the soil and the outside of the flanges was probably 
lost before the peak was reached. 


1. Engineering properties of Chicago Sub-Soils by Ralph B. Peck and 
William C. Reed, University of Illinois. Experiment Station. Bulletin No. 
423. 
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3. An examination of the extracted piles showed no soil adhering to the 
outside of the flanges for most of the pile length. Only near the bottom did 
the extracted piles have a layer of soil sticking to the outside of the flanges. 
For the remainder of the pile length the flanges were very clean. 


The load taken out of the soil between gages as a function of total load on 
the pile has been plotted in Figure 14 to 19. In cases where the curves 
showed more than one peak, the average soil shear was computed for all 
peaks. These values were then compared with the average shear strength as 
measured in the laboratory by unconfined compression for all the soil sam- 
ples in that depth interval. Table 1 to 4 show this comparison for intervals 
between consecutive gages throughout the pile length. For some of these in- 
tervals, it was impossible to recover continuous samples; hence, in these re- 
gions the average shear strength data is based on fewer samples. The actual 
number of individual samples between consecutive gages from which the 
averages are obtained may be seen in Figure 7 to 11. 

Between gage 6 at 25 feet and gage 7 at 10 feet (Fig. 14), the strain gage 
curve is very irregular up to the test load. The open space left between the 
flanges near the ground surface after driving was filled with foundry sand be- 
fore the piles were tested. The completely different nature of this fill mate- 
rial and the small voids which must have existed in the upper part of the 10- 
foot to 25 foot depth even after being filled in, were probably the causes of 
the erratic nature of the frictional resistance. These irregularities were not 
quite as pronounced after the first loading cycle. 

The next interval was from gage 4 to gage 6 (Fig. 15), since gage 5 failed 
during driving. These strain gage records show the curve levelling off at the 
top of the first loading cycle but a peak value was reached during the destruc- 
tion cycle. However, both maximum values are very close and might there- 
fore be expected to agree with the average remolded strength of the clay in 
this depth. Table 3 shows the remarkably good agreement between strain 
gage shear strength of the soil and both the average shear strength of the re- 
molded samples from boring SB-2 and the average shear strength of the un- 
disturbed samples from boring SB-3. 

Between gages 3 and 4, flattening of the curve (Fig. 16 and 17) near the 
destruction load indicates that the maximum shear strength of the soil was 
being approached but was not quite reached. The subpeaks in the first cycle 
loading are probably due to failure of the upper softer layers and the trans- 
ference of more load to the stiffer layers below this region. The upper part 
contained two seams about 3 inches thick and immediately adjacent to the 
sand, the clay was very soft. Immediately below this, however, the soil con- 
sisted of very stiff stony clay. In fact, it was so stiff that it could not be re- 
molded; hence, the only shear strength data obtainable in this region was for 
the undisturbed soil. Average values from both borings SB-2 and SB-3, how- 
ever, are somewhat higher than the value computed from the maximum dif- 
ference in strain gage readings in the destruction test. 

Figure 18 shows some irregularities between gages 2 and 3, in the first 
cycle loading, but a definite peak in the destruction test. No samples were 
recovered in this region, large enough for unconfined compression, but a re- 
molded shear strength is shown in Table 5. This is the remolded shear 
strength of a soil sample directly above this level taken from boring SB-3 
which is at the same water content as the average water content of all sam- 
ples from both borings SB-2 and SB-3 within this depth. The value of 1.6 tons 


1160-21 


VEY 


ASCE 


GNV 9 SADVD LNONSNVL GVOT +1 


,* 


7 
4 
4 


38 385 


uaog -x 


,Se- 
“ON 02 9 


4° 


| 
4 
‘ 
x 
| 
4 
pat 
ee 


9 ONY SADVYD Aid LNO SI 


20¢ Ope 09S One O08 O8T ONT OCT COT O89 


4 
< 
° 
~ 


38 


sSe~- 03 


dp - 
etafo ast dn 9 03 “OM 


1160-22 SM 1 January, 1957 
4 
| 
\o 
| 
26 
+ al 


€ SADVD NEAMLAG 40 LNO GVOT 91 


28 3aS 


03 
“ON 02 “ON 


a 
3 
Ss 
Cc 
n 


guoy 


ASCE VEY 1160-23 
8 
| | 
» 
| 
° 
j 
8 
| 
- 
r 
° 


January, 1957 


SM 1 


1160-24 


GNV € SAOVD alld JO INO GVOT LI 


ONT 


03 .S9 - 
“ON 02 € “ON 


suoz Ag 3nO PROT 


a 
Ww 
3 
4 
ow 
3 
° 
ok 
an 
os 
ve) 
w 
— 


1160-25 


VEY 


£ GNV SADVD JO INO NaANVL GVOT 81 8M 


‘eTTd uo peo] 


O92 OWS O22 OOS OCT O9T ONT OCT ODT og 09 On 02 0 


$2 


01987 38 33S 
ssaijsg - 4 

uaog «x 
dn 


0% ,Sl- oc 
S¢ 


suoz Aq pTsy 


oy 


(TTT 
LLL 
25 
le 


January, 1957 


Table 1 


SOIL SHEAR STRENGTH 
Gage 6 to 7 
Depth i0' to 25' 


From Strain Gage Readings | From Unconfined Compression Tests 


u u 
Soil Shear zilAv.) 


tons tons /ft tons /ft tons /ft 


Table 2 


SHEAR STRENGTH 
Gage 4 to 6 


Depth 25' to 55! 


u 
Soil Shear Flav.) 
Pesk Leeds Resistance Undisturbed | Remolded 


tons tons /ft” tons /ft@ tons /ft” 
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Table 3 


SOIL SHEAR STRENGTH 
Gage 3 to 4 
Depth 55' to 65' 


From Strain Gage Readings From Unconfined Compression Tests 


lst Cycle 


| (Av.) lav.) 
Soil Shear | Undisturbed| Remolded 


Peak Loads Resistance tons /ft” tons /ft” 


tons tons /ft” 


Too hard to 
remold 

Too hard to 
remold 


- Shear Resistance Still Increasing When 
Pile Failed. (See Fig. 17) 


Table 


SOIL SHEAR STRENGTH 
Gage 2 to 
Depth 65' to 75' 


Soil Shear 


Resistance 


tons tons 


No samples 


No samples 


Estimated from water content. 


0.745 | 
SB-2 2.22 
| 14.4 0. 865 
SB-3 2.54 
17.4 1.045 
| 
| 
From Strain Gage Readings From Unconfined Compression Tests 
Savi) Mav:) 
Bori Undisturbed | Remolded 
tons /ft tons/ft 
* 
12.5 0.75 SB-2 1.6 
14.3 0. 86 83 | 
| 
26 


1160-28 SM 1 January, 1957 


per square foot agrees quite well with the ultimate value of 1.56 tons per 
square foot obtained from the strain gage readings. 

From gage 1 to 2, i.e. from 75 feet to 80 feet, no undisturbed soil samples 
were obtained. From the description of the soil on the boring log and an ex- 
amination of the samples, this soil was identified as mostly sand and gravel 
with very little clay. It was decided, therefore, to compute its shear 
strength as if it were a cohesionless material. It was further assumed that 
in driving, some lateral displacement must have taken place, however small, 
and therefore the lateral pressure was closer to the passive than the active 
pressure so the passive condition was assumed. The unit weight of overbur- 
den varied from 110 pounds per cubic foot at ground surface to 165 pounds 
per cubic foot at the 58-foot depth. No weight measurements were made on 
soil below this depth but an average unit weight was estimated as 140 pounds 
per cubic foot. The angle of internal friction was taken as 30 degrees, and 
the angle of external friction as 20 degrees. On this basis the average shear 
strength of the soil was computed to be 7.6 tons/ft2, assuming shear resist- 
ance on outside of the flanges as well as across the flanges. The total soil 
shear resistance between gages 1 and 2 would therefore be 63.4 tons. Figure 
19 shows the average total shear resistance between gages 1 and 2 to be 52 
tons at the pile failure load. It was still increasing, however, when the pile 
failed, so the ultimate was obviously somewhat greater than 52 tons. 

From 80 feet to the point of the pile at 85 feet, the soil consisted of a mix- 
ture of very hard clay with sand and gravel. Figure 8 shows two samples 
from boring SB-3 in this depth which tested 8.04 tons per square foot and 
15.8 tons per square foot respectively in unconfined compression. This soil 
could not be remolded so it is difficult to estimate the frictional resistance it 
could have developed after the pile was driven through it. 


Discussion of Results 


The correlation between the average laboratory shear resistance of the 
large number of samples tested within the depth from gage 4 to gage 6 with 
the shear resistance computed from the strain gage readings, using the half 
perimeter (Fig. 13) was remarkably good. It was within this depth also that 
the soil was most uniform and the sampling easiest and therefore the labora- 
tory shear values were believed to be very reliable. 

The soil data in the 25-foot to 55-foot depth show rather definitely that the 
frictional resistance of soil along the pile can be computed fairly accurately 
from the unconfined compressive strength of the soil in soft to medium clay. 
Above and below this range of depth the correlation was not as good, but the 
unconfined compressive strength together with water content and penetration 
resistance provide data from which an estimate of the frictional resistance 
can be made. It may be noted from Table 3 that in the 25- 55-foot depth, the 
best correlation with strain gage shear data is the undisturbed, unconfined 
compressive strength from boring SB-3. This is to be expected, since these 
samples were taken adjacent to a test pile just after the test. There is no 
evidence as to what the strength of the soil around the pile was, directly after 
driving or at other periods of time during the test. It is believed, however, 
that the frictional resistance at any time of loading is always related to the 
unconfined compressive strength at that time. It is believed that in time, 
more adherence would develop between the soil and the pile so that more 
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frictional resistance would be developed at the outside surface of the flanges. 
Reconsolidation of the disturbed clay would probably also cause an increase 
in the shear strength. 

In connection with the stresses in the soil due to loading, it is interesting 
to observe how some of the stresses in the lower part of the pile due to the 
higher loads were retained temporarily when the loads were removed. This 
can be seen quite clearly in Figure 18 for the depth from 65 feet to 75 feet. 
When the load was removed, the frictional resistance above the 65 foot level 
reversed and held the stress in the pile. If the pile were allowed to stand 
these stresses would probably decrease as the soil consolidated. 

It is difficult to evaluate what effect the anchor piles had on the frictional 
resistance along the test pile. It is believed that in clay soil, the anchor piles 
have very little effect on the frictional resistance but in gravel and sand, 
where the frictional resistance is a direct function of the normal lateral 
pressure on the pile, any stress transmitted through the soil from the anchor 
piles to the test pile would tend to reduce the normal stress and hence also 
the frictional resistance of the soil during loading. The use of friction piles 
in extracting the test pile would have the reverse effect. 

Although the soil data from SB-3 and the consolidation test data indicate 
that the stresses produced in the clay by pile driving and testing could have 
caused the increase in moisture content of the clay adjacent to pile B-4, the 
data is not conclusive. The increase noted could have been due to differences 
in natural soil conditions from the location of BS-2 to BS-3. Additional bor- 
ings would have been necessary to establish this effect definitely. 

The remolding effects on the clay outside the pile flanges in the 15-foot to 
55-foot depth were practically negligible. Only the soil between the flanges 
suffered any appreciable remolding. 

The use of steel H-piling is generally only considered where point bearing 
in very hard soil or rock is possible. It is apparent, however, from the data 
obtained in the tests described here that H-piles in soft to medium clay act 
effectively as friction piles. Thus, even in deep deposits of soft sensitive 
clays, H-piling combines the desirable features of high frictional resistance 
with a minimum of driving disturbance. 
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RELATIVE DENSITY AND SHEAR STRENGTH OF SANDS 
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(Proc. Paper 1161) 


SYNOPSIS 


This investigation consists of a study of the relative density of natural 
sand deposits and its relationship to the particle size and the shear strength 
of the soil. An attempt was also made to evaluate the effectiveness of the 
penetration test as a means of determining the relative density. 

Data obtained from four sites show that the relative density of undisturbed 
specimens is very uniform within an individual stratum, but varies abruptly 
from one stratum to another. Furthermore, a definite relationship exists be- 
tween the relative density and the mean particle size of the soil; the greater 
the mean diameter, the lower the relative density. This phenomenon may be 
partly explained by the results of a series of consolidation tests. It was found 
that the compressibility of the soil decreases with increasing mean diameter. 
Results of triaxial compression tests demonstrate that, within the range of 
particle size considered, the shear strength, as measured by the angle of in- 
ternal friction, ¢ is a function of the relative density only. The standard 
penetration test can be used to estimate the relative density of fine to medi- 
um sands. It is, however, not reliable in sails whose largest particle size is 
10 mm or greater. 


INTRODUCTION 


Theoretical and experimental studies have established definite relation- 
ships between the ultimate bearing capacity of sand and its shear strength. 
It is also known that the shear strength of cohesionless soils is dependent to 
a large extent upon the relative density. On the other hand, the difficulty and 
expense of obtaining undisturbed samples of cohesionless soils for shear 
tests has led to the development of penetration tests as a means of estimating 
the relative density and shear strength of such soils. In this country the 


Note: Discussion open until June 1, 1957. Paper 1161 is part of the copyrighted 
Journal of the Soil Mechanics and Foundations Division of the American Society of 
Civil Engineers, Vol. 83, No. SM 1, January, 1957. 
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most widely used form of penetration test is the so-called standard penetra- 
tion test, in which a sampling spoon with an outside diameter of two inches 
and an inside diameter of 1-3/8 inches is driven into the soil at the bottom 

of the borehole. A standard weight of 140 lbs. with a drop of 30 inches is 
used for the driving and the number of blows per foot of penetration is re- 
corded. On the basis of extensive field observations, the resistance to pene- 
tration has been correlated with the relative density of the sand and semi- 
empirical procedures for design have been developed.(1) Most of the works 
in this direction necessarily consist of comparisons between the penetration 
resistance and the actual performance of foundations. The opportunity for 
direct determination of the fundamental elements of relative density and 
shear strength does not often exist. In this study, the relative densities of 
natural sand deposits and the variations of these densities within an individual 
deposit and within an individual stratum were investigated. The influence of 
the overburden pressure on the relative density was studied by means of con- 
solidation tests. Triaxial compression tests were made to measure the shear 
strengths of soils at various relative densities. Finally the penetration re- 
sistance was compared with the relative density to evaluate the effectiveness 
of the penetration test. 


Investigation of Density and Grain Size 


Description of Soil Deposits 
All the soil deposits studied are fluvioglacial in origin and were laid down 


by the continental ice sheet during the Cary substage of the Wisconsin glacia- 
tion. The location of the sites where the investigations were made are indi- 
cated in Figure 1. The sites are designated as A, B, and C on the Grand 
Ledge Moraine and D on the Mason Esker between the Lansing and Charlotte 
moraines. All deposits consist of cohesionless materials ranging from fine 
silty sand to gravel. 


Method of Investigation 


Each site was investigated in the following manner. At all sites except D, 
a number of borings were made with standard penetration tests. After this a 
test pit was excavated and undisturbed specimens were cut from the exposed 
face. The specimens were obtained by hand trimming the material into a 
thin-walled steel cylinder with an inside diameter of 3 inches and a length of 
3.5 inches. The spacing between the specimens was roughly three to four 
feet in the vertical direction and four to five feet in the horizontal direction. 
Insofar as possible, each specimen was taken within an individual stratum. 
However, minor variations that occurred throughout almost every individual 
layer could not be eliminated. All of the deposits were above the ground wa- 
ter and the moist sand did not present any difficulties during sampling. When 
the soil contained gravel of large size it often required several trials before 
a specimen could be trimmed successfully. 

In the laboratory the specimens were oven dried and weighed and their 
void ratios were computed. Standard mechanical analyses were performed 
to determine the grain size characteristics. 

The relative density of a specimen was determined according to the defi- 
nition: 
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in which €max, €, and €min represent the void ratios of the soil in its loosest, 
natural, and densest states respectively. The procedures for determining the 
values of e max and e min were arrived at after considerable preliminary ex- 
perimentation. It was realized at the outset that any test procedure must 
necessarily be an arbitrary one and the objective was to develop a simple 
method that would yield consistent results. It was also decided that the pro- 
cedure should be similar to those already adopted by organizations with ex- 
perience in relative density tests, such as the Waterways Experiment Sta- 
tion(2) and the Bureau of Reclamation.(3) However, the weight of the 
specimens and the particle sizes involved in this investigation made certain 
deviations from their methods necessary. The procedure that was finally 
adopted was as follows. 

To obtain the “densest state,” the dry soil was compacted into a mold with 
an inside diameter of three inches and a height of three inches. The compac- 
tion was done in five layers by 15 blows of a standard Proctor hammer with 
a drop of six inches. The “loosest state” was achieved by depositing the 
thoroughly mixed dry soil into the mold with a teaspoon. The free fall of the 
particles was maintained at 2 inches throughout the process. One objection 
to this method was that the natural void ratios of coarse sands and gravels 
usually had values considerably larger than any that could be produced in the 
laboratory. Values of relative density as low as—80% were recorded. Upon 
further experimentation it was found that when the soil specimens were first 
artificially segregated into several size groups and the groups were deposited 
into the mold successively, much larger void ratios could be obtained. Asa 
representative example, the data obtained on a specimen of coarse sand is 
given in Table 1. The void ratio of the segregated specimen is considerably 
higher than the natural void ratio. Therefore it is entirely possible that there 
is considerable natural sorting even within an individual specimen. It may be 
appropriate to re-emphasize the point that since it is obviously impossible to 
duplicate the natural sorting of particles within a specimen, the values of e 
max and e min are by nature somewhat arbitrary. The adopted method using 
thoroughly mixed specimens are therefore considered satisfactory in spite of 
the large negative values of relative density. Furthermore this method pro- 
duced data far more consistent than what could be achieved with segregated 
specimens. Results: a 


Figure 2 contains grain-size curves of four typical specimens. In addition 
to the conventional curves giving the percent finer, the frequency diagrams of 
the particle distributions are also shown. These diagrams were constructed 
by plotting the percent retained on any sieve versus the average size of the 
sieve and the one above it.(4) These four curves are representative of the 
grain-size characteristics of the soils encountered in this study. As is the 
case with specimen 125, the frequency curves of all soils with median diame- 
ters greater than 2 mm. exhibit two peaks. Such soils are apparently the 
product of two successive stages of deposition. a 

Because of the striking uniformity of the grain-size curves, they were sub- 
jected to further study by statistical methods. The mean diameter and 
standard deviation were used to represent the particle size distribution. 
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Figure 3 presents the relationship between the standard deviation and the 
mean diameter. It can be seen that the standard deviation remains nearly 
constant up to a mean diameter of about 0.35 mm. and beyond this point it in- 
creases rapidly with increasing mean diameter. The later relationship is al- 
most a linear one and can be expressed simply as: 


+l44dm (2) 


in which d,, denotes the mean diameter and ¢ the standard deviation. 

Figures 4, 5, 6 and 7 are profiles of the soil deposits. The crosses indi- 
cate the location of the trimmed specimens while the numerals above and be- 
low the crosses represent the relative density in percent and the mean par- 
ticle size in millimeters respectively. The major features of stratification 
are also outlined. The number of blows encountered in the standard penetra- 
tion test are plotted beside the profiles. It is only natural that the stratifica- 
tion of the deposits is far from uniform. All exhibit irregular lenses and 
layers of materials from gravel down to the fine sand and silt. A far more 
significant feature, however, is the consistency of the relative density within 
an individual unit or stratum; the variation does not exceed 30% within any 
stratum. Equally important are the extreme differences in relative density 
between one stratum and another, sometimes within distances as small as one 
foot. In all the deposits there is no indication that the relative density in- 
creases with depth. 

The relative density is not only uniform within an individual stratum, but 
is remarkably consistent for soils with the same mean diameter. The pro- 
files indicate that the fine sands have a greater relative density than the 
coarse sands. The gravels have the lowest relative density and generally the 
values fall far below zero. This characteristic is clearly presented in Figure 
8 which is a plot of the relative density versus the mean diameter for speci- 
mens from sites A, B and C on the moraine. A definite relationship of de- 
creasing relative density with increasing mean diameter exists and this rela- 
tionship may be expressed as, 


O- = €5.8-96.7dm+l64dp (3) 


in which Dy and dy denote the relative density in percent and the mean diame- 
ter in millimeters respectively. A similar relationship between the relative 
density and mean diameter holds for the specimens from the Mason Esker as 
shown in Figure 9. However, the values of relative density are as a whole, 
considerably lower than those of the moraine material. Consideration has 
been given to the correlation of the relative density with the peak diameter. 
In the present case, however, the particle size distribution is close to normal 
and consequently the difference between the peak diameter and the mean di- 
ameter is relatively unimportant. In a study on the sands of the lower 
Mississippi Valley, Shockley and Garber(2) correlated the relative density 
with the peak diameter and found that the relative density increases with in- 
creasing peak diameter. Obviously the natural processes of sedimentation 
result in deposits whose relative densities are functions of their particle 
sizes although, the exact relationship between the two may be expected to 
vary from one type of deposit to another. 

It is apparent that the penetration resistance of a soil is influenced not 
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only by its relative density but also by many variables, one of the most im- 
portant being the particle size of the soil. A comparison of the penetration 
resistance with the relative density was made for medium to fine sands, and 
this is presented in Table 2. No attempt was made to evaluate the influence 
of depth. Included in Table 2 are the condensed results of the extensive lab- 
oratory tests performed by the United States Bureau of Reclamation(5) and 
the values recommended by Meyerhoff on the basis of field observations. (6) 
The number of blows obtained by the Bureau of Reclamation and by Meyerhoff 
are somewhat lower than those obtained in this investigation, although the 
general agreement may be considered satisfactory. In any event the correla- 
tion is at best an approximate one as shown in the table. For coarse sand 
and gravel, the penetration resistance is much greater comparatively. The 
relative density of these materials is usually smaller than zero, nevertheless 
the penetration resistance remains about 30 blows. It is very doubtful 
whether the standard penetration test can be expected to give accurate re- 
sults in gravel. Meyerhoff suggested that the test is not reliable when the 
largest particle size of the soil is equal to or greater than one-half the di- 
ameter of the sampling spoon.(6) It, therefore, follows that if a soil deposit 
contains wide and erratic variations in particle size and relative density, the 
penetration test alone cannot be expected to reflect an accurate picture of the 
relative density. 


Consolidation Tests 


The important relationship between the relative density and mean diame- 
ter was investigated by a series of consolidation tests on disturbed speci- 
mens. Specimens 134, 411, 121, and 133, whose grain-size curves are shown 
in Figure 2 were used for the tests. The dry sand was placed inside a fixed- 
ring consolidometer at a relative density close to zero and then submerged 
in water. The load increments were applied in the conventional manner. The 
results obtained from these tests explain to a large extent the low relative 
densities possessed by the coarse-grained soils. Figure 10 shows represent- 
ative void ratio versus pressure curves of the four specimens. There is, 
first of all, a marked decrease in compressibility with increasing particle 
size. The void ratio-pressure curves of the coarse sands have a much flatter 
slope than those of the fine and medium sands. Since all specimens in this 
study were taken from depths between 8 and 38 ft., the range of overburden 
pressure is approximately from 0.45 to 2.0 kg. per sq. cm. From the void 
ratio-pressure curves in Figure 10, the upper and lower limits of the void 
ratios of the four specimens within this range of overburden pressure were 
determined. These limits are indicated in Figure 10 as ej and eg, and the 
relative densities Drj and Dr2, that correspond to these limits were com- 
puted and listed in Table 3. The values in Table 3 exhibit the same general 
trend of decreasing relative density with increasing particle size as shown in 
Figures 8 and 9, although the numerical values do not agree exactly. This 
demonstrates that for soils with a low initial relative density consolidation 
under equal overburden pressure significantly augments the relative density 
of fine and medium sands but changes only slightly the relative density of 
soils of larger particle sizes. 

From these observations, the following hypothesis is advanced. The soils 
were originally deposited in a very loose state corresponding to a relative 


if 


‘a 
All 

@ 


we 


1161-6 SM 1 January, 1957 


density of zero or smaller. An overburden pressure was imposed on the 
soils by the subsequent accumulation of sediments above them. This consoli- 
dated the soils and the consolidation was accompanied by a reduction of the 
void ratio and a rise in the relative density of the soils. This rise in relative 
density, however, is by no means uniform for all soils and it is important on- 
ly in fine and medium sands. The coarse sands and gravels retain their low 
relative densities as a result of their low compressibilities. Consequently, 
the relative density of the soils bears an inverse relationship with their par- 
ticle size. Unfortunately, the large negative relative densities of the coarse 
sands and gravels could not be duplicated in the laboratory. The results of 
the laboratory consolidation tests, therefore, can only provide a qualitative 
basis for comparison with the relative density—grain size relationship found 
in the field. From the point of view of foundation design it is important to 
note that the low relative densities of the coarse-grained soils are not accom- 
panied by large compressibilities. This pertains, of course, only to the case 
of laterally confined soils. The problem of vertical deformation combined 
with lateral displacement is discussed in connection with the triaxial com- 
pression tests. 


Triaxial Compression Tests 


Method of Testing 


A number of triaxial compression tests were made on specimens of com- 
pacted sand to evaluate the significance of the relative density upon the shear 
strength. Specimens 134, 121 and 133 were used for the tests. Their grain 
size curves are given in Figure 2 and they cover the range of fine to coarse 
sands. No gravels were tested because the available apparatus could not 
accommodate large diameter specimens. 

All specimens were 1.4 inches in diameter and 3.5 inches high. Each soil 
was tested in at least three different relative densities. Dry sand was placed 
inside the rubber membrane held by the forming jacket. The sand was de- 
posited in five layers and each layer was tamped with a small plunger. The 
tamping effort varied from a very light touch to heavy pressure exerted by 
hand depending upon the relative density desired. The initial void ratio of the 
specimen was computed from the weight of the dry sand used and the known 
volume of the forming jacket. To saturate the sample, water was drawn 
through it by vacuum. Figure 11 is a schematic diagram of the triaxial appa- 
ratus. All-around pressures of 20 and 40 lbs. per square inch were used in 
the tests and the deviator stress was applied by the constant-strain device. 
All tests are performed with the valves between the burette and the bottom 
of the specimen open and volume changes were measured by reading the water 
level in the burette. The angle of internal friction, ¢, was computed from: 


sin ¢ (4) 


in which 0; and og are the major and minor principal stresses at failure. 


Results 
The shear strength and stress-strain characteristics of cohesionless soils 
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have been the subject of much investigation at Harvard University and 
Massachusetts Institute of Technology.(7)(8)(9) These studies established 
important fundamental concepts regarding the shear strength and stress- 
strain characteristics. The present tests serve as a measure of the shear 
strength of the soils encountered with special interest directed towards the 
significance of the relative density. Table 4 contains the essential data ob- 
tained from the triaxial compression tests and typical stress-strain and 
volume change curves are shown in Figure 12. 

Figure 13 presents the relationship between the initial void ratio and the 
angle of internal friction for the three soils tested. The initial void ratio 
represents the state of the soil before the application of the all-around pres- 
sure. For each soil there is a definite relationship of increasing angle of in- 
ternal friction with decreasing initial void ratio as may be expected. A much 
more interesting graph is that of the relative density versus the angle of in- 
ternal friction as shown in Figure 14. This plot shows that the angle of inter- 
nal friction of the three soils is a unique function of the relative density, 
despite the very large differences in particle size. In view of this unique re- 
lationship it should be noted that the three soils also have similar particle- 
size distribution characteristics. Furthermore it has been demonstrated 
that the standard deviation of the particle-size distribution is a function of 
the mean diameter. It may, therefore, be reasonable to generalize that under 
these conditions, the angle of internal friction of sands from the same deposit 
depends only on the relative density. 

The stress-strain curves of the tests were carefully studied in an effort to 
evaluate the stiffness as measured by the initial modulus or by the secant 
modulus to maximum stress. Under equal confining pressure a general trend 
of increasing initial modulus with increasing relative density was noted. The 
data, however, was not consistent enough to permit any correlation. 


CONC LUSION 


The grain-size distribution of the soils analyzed may be expressed as a 
function of the mean diameter. All the soil deposits exhibit uniform values of 
relative density within an individual stratum. The variation of the relative 
density from one stratum to another may be very abrupt and is a function of 
the particle size; the larger the mean diameter of the soil, the lower the rela- 
tive density. This phenomenon may be the result of the lower compressibility 
of the coarse grained soils. The angle of internal friction, @, of the soils is 
dependent only upon the relative density. The relative density of the soil can 
be estimated with reasonable accuracy by the standard penetration test only 
in the case of fine to medium sands and the test is unreliable when performed 
on gravelly soils. 
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Comparison of Relative Densities Obtained by Two Different Methods 
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Relationship between Relative Density and Penetration Resistance 


Spec. 
No. 


134 
411 
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Table 3 


USBR Meyerhoff 
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. 800 


. 763 


. 665 


602 


"2 
. 760 


Range of Relative Density (%) 


Dr, 


38.7 


Dr, 


65.0 


Thoroughly mixed 


| 
@ 
e min © man 
| 
| 
| 0-20 0-5 
20-40 5-35 
40-60 35-65 
} 
| 
0. 38 .720 26.5 41.3 
0.44 645 17.3 25.0 
1.00 . 583 11.0 21.0 


January, 1957 


Table 4 


Results of Triaxial Compression Tests 


Specimen Initial Relative Principal Stresses at Failure 
No. Void Density (Kg/cm*) 


Ratio (%) max. (degrees) 


13 


79 


90 


39 


48 


88 
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134-18  .823 5.70 1.40 37.3 
134-12. 631 7.15 1. 40 42.3 
134-13. 600 = 7.25 1. 40 42.7 
134-15 .805 14.80 2.80 38.2 
134-16 = 12.50 2.80 39.5 
134-17 .606 = 14. 70 2.80 42.8 
121-2 675 14 5.90 1. 40 38.0 
121-12 .637 27 6. 40 1. 40 39.8 | 
121-5 .518 74 7.15 1.40 42.3 
121-4 99 7.65 1.40 43.7 
121-15 .605 38 12.70 2.80 39.8 
121-7 445 100 14. 80 2.80 43.3 
133-1 553 32 6.65 1. 40 39.3 
133-3 . 470 65 7.15 1.40 42.3 
133-6 371 105 7.40 1.40 43.1 
133-2 . 550 33 12.55 2.80 39.3 
133-4 .457 70 13.80 2. 80 41.5 
133-5 352 112 15.80 2.80 44.3 
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REPORT ON THE MEETING OF THE EXECUTIVE COMMITTEE OF THE 
SOIL MECHANICS & FOUNDATIONS DIVISION 


A meeting of the Executive Committee was held in Pittsburgh, October 17, 
with Mr. Turnbull, Wilson, Peck, Fadum, Johnson and Osterberg present. 
Among other business transacted was the establishment of a new committee 
on Ground Water Control for construction purposes. This committee will be 
established after approval of the committee on Division Activities. 

The scope and activity of the committee on Frost Action and Permafrost 
was discussed, along with possible membership of the committee. Mr. 
Kenneth Linell of the Corps of Engineers, Watertown, Massachusetts, was 
present, and has agreed to serve as chairman of the new committee. 

At the meeting of the Earth Dams Committee, Mr. J. P. Hawke, of Boston, 
Massachusetts, was selected as a new member to replace the late Donald W. 
Taylor. 

Notice the change in the roster of contact members at the beginning of this 
Newsletter. W. J. Turnbull has retired from the Executive Committee, and 
was given a resounding vote of thanks by the entire membership for his faith- 
ful service and many valuable contributions to the Executive Committee. 

The plans for three technical sessions, each for the Jackson, Mississippi 
meeting in February, and the June meeting in Buffalo are completed. The 
next meeting of the Executive Committee was planned for June 1957, in 
Buffalo. 


DR. KARL TERZAGHI’S APPOINTMENT ANNOUNCED BY M.LT. 


Dr. Karl Terzaghi, international authority on soil mechanics, has been ap- 
pointed lecturer and research consultant in soil mechanics for the current 
academic year at the Massachusetts Institute of Technology. 

Professor emeritus of the practice of civil engineering at Harvard, Dr. 
Terzaghi previously taught at M.I.T. in the late 1920’s (1925-1929) as a spe- 
cial lecturer in soil mechanics, and as associate professor of foundation engi- 
neering. He developed at M.I.T. the first courses in soil mechanics to be 
given in the United States. Dr. Terzahgi has received numerous awards and 
prizes, including four awards of the Norman Medal (American Society of Civil 
Engineers); the Desmond Fitzgerald Medal and the Clemens Herschel Award 
of the Boston Society of Civil Engineers; the Brown Medal of the Franklin In- 
stitute; and the New England Award of the Engineering Societies of New Eng- 
land. 

Born in Prague, Czechoslovakia, on October 2, 1883, Dr. Terzaghi gradu- 
ated from the Technische Hochschule at Graz, Austria, in 1904, and in 1911, 
received a doctor’s degree in Civil Engineering there. 

From 1906-1914, he was employed in various capacities on projects in 
Austria, the Balkans, and northern Russia. In 1912-1913, he traveled through 
the western part of the United States working on important projects of the 
U. S. Reclamation Bureau. After two years in the Austrian Army in World 
War I, he became Professor of Foundation Engineering at the Turkish Engi- 
neering University in Constantinople. 

In 1918, he transferred to Robert College in Istanbul as acting head of the 
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Department of Civil Engineering. During the period from 1916-1924, he 
acted as consulting engineer on various difficult foundations and water supply 
projects. From 1925-1929, he was on the faculty at M.I.T. 
He then served as a professor at the Technische Hochschule in Vienna 
: from 1929 to 1938. During these years he was a consultant on a hydroelectric 
development in northern Russia, various irrigation projects in Central Asia, 
on rockfill dams in Algiers, and on numerous other structures in the Eastern 
Hemisphere. 
. Harvard University invited Dr. Terzaghi to lecture on Soil Mechanics in 
1936. In 1938, he became a lecturer in the Harvard Graduate School of Engi- 
neering, and in 1947 was appointed Professor of the Practice of Civil Engi- 
neering. He has also served as lecturer and research consultant at the 
University of Illinois since 1946, a position which he still holds. 
An Honorary Member of the American Society of Civil Engineers and of 
the Boston Society of Civil Engineers, he is a former James Forrest Lec- 
turer for the British Institute of Civil Engineers. 


Soil Mechanics and Foundations Division 


SOIL SHREDDER 


Professor H. G. Larew, Civil Engineering Department, University of 

Virginia, has written the editor of the Newsletter the following: 

“During the summer of 1953 I was engaged in field research during the 
construction of two sections of experimental pavement on U. S. 31 in South 
Central Indiana. Two field laboratories were employed in this work and in 
each the Soils Division of the State Highway Commission of Indiana had in- 
ie stalled a soil shredder. 

This device employed a rotating cylindrical drum with metal spokes which 
protruded from the surface of the shell to shred or break down soil samples. 
On this project samples from the Proctor Cylinder were broken down and re- 
used and for this and other cases where a shredded sample was required, 
this device functioned quite satisfactorily. Proctor samples were shredded 
and prepared for reuse in seconds. 

The shredder was developed in the Indianapolis testing laboratory of the 
State Highway Commission of Indiana. Mr. W. T. Spencer took an active part 
in its development. It is a type of equipment that laboratories which process 
large quantities of soils might employ to advantage. Recently I learned that 

4 the H. C. SCHULDMEIR COMPANY, 312 North Senate Avenue, Indianapolis 4, 
Indiana will manufacture these units. Additional information about these 
shredders may be obtained from this firm.” 

Professor Larew humbly states: 

a “I am in no way connected with this firm and am not trying to “toot any- 
one’s horn.” I merely consider this piece of equipment a real labor saver 
and one which many of the Newsletter readers might be interested in.” 

(Editor, how about sharing your “brainstorm” too—send it in.) 


REVOLUTIONARY RESERVOIR LINING BEING TESTED IN 
(SAN FRANCISCO) 


A new type of reservoir lining which may change future reservoir con- 
struction is being tested by the East Bay Municipal Utility District, accord- 
ing to EBMUD Director William D. McNevin. 
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McNevin said the tests are progressing at the EBMUD’s hugh earthen ex- 
cavation located in the Fairmede subdivision northeast of Richmond and south 
of County Road No. 24. The excavation, completed earlier this year, will 
provide a basin for the Utility District’s 66 million gallon North Reservoir. 
Construction of the reservoir will get under way when the current tests are 
completed. McNevin stated. 

If the reservoir lining material now being tested proves satisfactory, 
McNevin declared, the Utility District will be able to save more than 
$100,000 on the cost of North Reservoir and Maloney Reservoir, currently 
under construction at nearby Pinole. 

At the present time, excavated-type reservoirs have four layers of mate- 
rial over the bare earth. These are, in order, crushed rock, an asphaltic 
plant mix, a water-tight membrane, and finally a coating of concrete. The 
EBMUD Engineering Division has proposed that the first two substances be 
combined by using one layer of uniform graded course material with asphalt 
as a binder. The present procedure calls for the crushed rock, followed by a 
dense plant mix which involves gradation from sand to crushed rock with 
asphalt. 

Purpose of the layer of rock is to allow for drainage of any water which 
may enter the material from subterranean springs below. The tests now un- 
der way will tell if the new type of material combining the crushed rock and 
the asphalt can carry off water by drainage. 

Nevin explained that eight strips of the new type mix stretching from the 
bottom of the North Reservoir basin to the top rim of the bowl have been 
placed by paving machines. A pipe system was previously installed under- 
neath each strip to introduce water artifically into the substance. Careful 
tests will determine if the water is carried off sufficiently to safeguard the 
reservoir. 

If successful, the new technique will be used in the two excavated reser- 
voirs now in progress, North and Maloney, and other future EBMUD reser- 
voirs. It will mark a complete departure from the previous technique 
standardized by the EBMUD McNevin concluded. 


CONFERENCE ON OFFSHORE ENGINEERING 


The eighth Texas Conference on Soil Mechanics and Foundation Engineer- 
ing was held at the University of Texas at Austin Texas, on September 14 and 
15. The conference dealt with the problems of Soil Mechanics and its rela- 
tion to Offshore Engineering. This conference was the culmination of—a 
three weeks series of courses entitled “Soil Mechanics in Offshore Engineer - 
ing,” presented by the Institute for Advanced Engineering of the University of 
Texas. The proceedings will be published and information can be obtained by 
writing Raymond F. Dawson, Professor of Civil Engineering at the University 
of Texas. 


WORLD CONFERENCE ON EARTHQUAKE ENGINEERING 


Last June a World Conference on Earthquake Engineering was held at the 
University of California in Berkeley. Papers and speakers were assembled 
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from all parts of the world. Some significant new contributions in determin- 
ing the response of foundations and other underground structures to earth- 
quake forces were presented at this time. The proceedings of this confer- 
ence have been published and are available for a fee of $8.50 post paid, by 
writing to: 


Karl V. Steinbrugge 

Secretary of the Earthquake Engineering Research Institute 
Room 1039, Merchants Exchange Building 

465 California Street 

San Francisco, California 


STUDY OF THE LANDSLIDE AT SURTE ON THE RIVER GOTA 


A recent publication of the Geotechnical Department of the Swedish State 
Railways was gratefully received by your editor the past month, The publish- 
er and price are as follows: 


Stockholm 1955 
Kungl. Boktryckeriet P. A. Norstedt Soner 
Pris 16 - kronor 


If you have any landslide problems, you will probably want to acquaint 
yourself with this very complete report. The preface and table of contents 
best present the scope of this report, and are submitted below for your in- 
formation. 


PREFACE 


A landslide, which had a devasting effect, occurred at Surte, in the valley 
of the river Gota, in the southwestern part of Sweden, about 8:10 a.m. on 
September 29th, 1950. An area of ground, some 400 m in width and about 
600 m in length, was cut into slide elements, which slipped towards the river, 
disintegrated, and were pressed together. The maximum fall of the ground 
level in the interior part of the slide area was about 12 m and the maximum 
rise of the ground level in the exterior part of the slide area was about 4 m. 
At the same time, the width of the river channel was reduced from 120 m to 
20 m, and the river bottom was raised about 5 m above the water level in the 
river. There were 31 dwelling-houses in the slide area. These houses were 
displaced 50 to 140 m towards the river. The highway was broken, tilted, and 
caused to bulge in a wide arc-shaped bend and the railway line was partly 
buried in the earth masses deposited by the slide. 

Fortunately, the slide occurred at a time when most persons employed in 
their daily work had already left the area. Mothers and children were still 
indoors, so they were saved from being engulfed and caught in fissures, which 
reached a considerable depth in some places. About 300 persons became 
homeless, 50 persons were hurt, most of them slightly, and only one person 
was killed, crushed to death in a basement which was demolished by the slide. 

The volume of the earth masses involved in the slide was estimated at 
about 3,000,000 m3, Eye-witnesses have stated that the slide lasted 2 to 3 
minutes. 

The highway and railway traffic interrupted by the slide was rapidly re - 
sumed over temporary trafficways and by-pass routes, whereas the canal 
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traffic was not completely restored until the next day after the slide, since 
the river channel was blocked. Investigations of the stability conditions were 
started immediately in order to plan the reconstruction works and determine 
the causes of the slide. These investigations were jointly conducted by the 
Royal Swedish Geotechnical Institute, the Geotechnical Division of the Swedish 
State Railways, and the Geological Survey of Sweden. 

The Royal Swedish Geotechnical Institute has published the results of its 
researches in “The Landslide at Surte on the Gota River, September 29, 1950” 
by B. Jakobson (Jakobson, 1952). Since the reports on the investigations 
made in the slide area by the Geotechnical Division of the Swedish State Rail- 
ways and the Geological Survey of Sweden were not possible to combine ad- 
vantageously with the account given by the Royal Swedish Geotechnical Insti- 
tute, it was considered convenient to present them in a publication issued 
jointly by the former two institutions, in order that the nature of the slide 
might as far as possible be subjected to an all-sided treatment. 

The headings of the chapters show the shares of the authors in this col- 
lective work. We have, of course, discussed and elaborated the results in 
common. In those cases where our subjects overlapped, their treatment was 
concentrated in that chapter with which they seemed to be associated most 
closely, so as to avoid unnecessary repetition. 


Stockholm, June 1955. 


Carl Caldenius, Rune Lundstrom 
Geological Survey of Sweden Geotechnical Department, 
Swedish State Railways 


LOCAL SECTION NEWS 


The Pittsburgh section committee on Soil Mechanics & Foundations has 
set the following dates for its 1957 conference: 


March 26: Engineering Geology 

March 28: Soil Exploration 
Soil Testing 

April 2: Identification & Physical Properties of Soils 
Basic Concepts (of drainage, settlement, stability) 


April 4: Spread Footing & Mats (on granular materials) 
Spread Footings & Mats (on Cohesive materials) 
April 9: Pile Foundations 


April 11: Compaction & Control of Earth Fills 
Stability of Slopes 
Cofferdams 


This program has been established to better acquaint local engineering, 
architectural and contractural organizations with the present statis of Soil 
Mechanics & Foundations work, in order to be of greater service to them in 
their particular endeavors. The conference will be held at the University of 
Pittsburgh and the Carnegie Institute of Technology. 
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RELATED MEETINGS AND PUBLICATIONS OF INTEREST 
TO DIVISION MEMBERS 


B. B. Gordon of San Francisco sends the following information along to 
division members: 

“About a year ago a conference was held at the University of Utah at Salt 
Lake City devoted to the subject “Asphalt in Hydraulics.” While this may 
sound like a foreign subject, much of the subject matter had to do with water- 
proof membranes for use in lining canals, reservoirs and earth dam facings. 
Contributions in the way of papers and speakers were received from people in 
the water business in all of the Western States. I attended the conference 
and found it very enlightening. Since that time I have received a copy of the 
Proceedings and feel that it too represents a worthwhile contribution for any- 
one concerned with seepage or leakage out of canals, etc. These “Proceed- 
ings of the First Western Conference on Asphalt in Hydraulics” are now 
available from the University of Utah as Bulletin No. 78 ($2.75 each). 

In September the ASTM held their second Pacific Area National Meeting in 
Los Angeles. The program extended from September 16th to September 21st 
and covered a number of fields. These sessions particularly relating to soils 
and granular materials were listed under the heading of “Roads and Paving 
Materials,” and “Soils.” Other related sessions had to do with earthquake de- 
sign and with aggregates for concrete. I presume these sessions will be de- 
scribed by the ASTM in their monthly publication but I thought I would call it 
to your attention in case you had missed the announcement. (See the October 
issue of ASTM publication for discussion of this session, editor.) 

While on the subject of publications, I received a letter from the American 
Wood Preservers Institute at 1410 S. W. Morrison Street, Portland 5, Oregon. 
Their District Engineer asked me to announce that a new publication is now 
available entitled “Pressure Treated Timber Foundation Piers.” This publi- 
cation is available gratis from the American Wood Preservers Institute. It 
looks like an interesting discussion and attempted justification for creosoting 
timber piles. 

The only other items in which you might have some interest are two meet- 
ings which were held in San Francisco: On the 26th of September the Soil Me- 
chanics & Foundations Division of the San Francisco Section held a meeting 
which was sponsored by the District Public Works Office of the Twelfth Naval 
District. The subject was “Design and Contractffral Problems Related to Soil 
Mechanics and Foundation Features Involved in Construction of Some of the 
District’s Projects.” The Technical session was followed by a tour of the 
Twelfth Naval District Materials Laboratory. On the 26th of October at a 
meeting sponsored by the Structural Engineers Association of Northern Cali- 
fornia, a group of speakers from the California State Division of Highways 
and the contractor discussed the “Carquinez Bridge Foundations.” The Car- 
quinez Bridge is a new crossing of Carquinez Strait that involves some cais- 
son and high pier construction,” 


BON VOYAGE TO DEAN HOWARD P. HALL 


Three years ago in March, 1954, the first issue of the Soil Mechanics and 
Foundations Division Newsletter went to press with Howard Hall as its editor. 
In that first issue, the objectives of the Newsletter were put forth as follows: 
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1. To keep Division members informed about Society and Division activi- 
ties. 

2. To publish items of general interest to the Division that might not 
otherwise be widely or promptly distributed. 

3. To promote interest and participation in the work of the Division and, 
through it, of the Society. 


Every three months since, editor Hall has conscientiously gathered all 
items of news available to him, digested them, and put them into print for the 
use of the society members. For this service, the Soil Mechanics and Foun- 
dation Division extend a warm and hearty thanks to him and those who worked 
with him in its publication. During this past summer, Dr. Hall received an 
appointment as Dean of Engineering at Robert College in Istanbul Turkey. He 
leaves the Civil Engineering faculty at Northwestern University, at which he 
has been a member for a number of years. 

In view of the extended lines of communication which would be necessary, 
he requested that the Executive Committee relieve him of the duty of the edi- 
torship of the Newsletter. At the October meeting of the society, this re- 
quest was complied with. 

During that first week in November, your present editor met with Dean 
Hall in Pittsburgh, and picked up the baton in the form of 10 pounds of file 
material that the past editor had accumulated over his former years of ser- 
vice. Everything was in good order and showed evidence of a considerable 
amount of work having been done. Dean Hall and his family plan to leave for 
Istanbul in January. At present they are getting the necessary typhoid shots, 
passports, packing their gear, etc. etc. The Halls are going to a country 
which is very much alive in the Middle East. Your present editor had the 
opportunity to visit Turkey a year ago, and found their interest very keen in 
Soil Mechanics and Civil Engineering, particularly their Highway Program. 
You will note elsewhere in this Newsletter that Dr. Terzaghi also was at 
Robert College in Istanbul in the department of Civil Engineering. Incidental- 
ly, Dean Hall, during our conference in Pittsburgh, expressed a desire for 
faculty members for his Engineering School. If any of you who read this let- 
ter are so interested, and are looking for overseas experience in the field of 
education, get in touch with him; Dean Howard P. Hall, Robert College, Bebek, 
P. O. Box #8, Istanbul, Turkey. In leaving the United States, Dr. Hall does 
not plan to sever his communication with the Newsletter, but has willingly 
taken on the job of Middle East representative. We expect pertinent items 
from that area as time goes on. As you are probably aware, there is much in 
Soil Mechanics and Foundations work being done outside the limits of the 
United States, and one of the parting shots that editor Hall has suggested is 
that we use the Newsletter more in the future to inform members of the 
Division of developments in the field that are occurring abroad. 


APRIL NEWSLETTER 


Deadline date for arrival at this office of contributions for the April News- 
letter: February 20, please. 


Bernard B. Gordon, Assistant Editor Alfred C. Ackenheil, Editor 
Porter, Urquhart, McCreary, and O’Brien Department of Civil Engineering 
1140 Howard Street University of Pittsburgh 

San Francisco 3, California Pittsburgh, Pennsylvania 
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PROCEEDINGS PAPERS 


The technical papers published in the past year are identified by number below. Technical- 
division sponsorship is indicated by an abbreviation at the end of each Paper Number, the 
symbols referring to: Air Transport (AT), City Planning (CP), Construction (CO), Engineering 
Mechanics (EM), Highway (HW), Hydraulics (HY), Irrigation and Drainage (IR), Power (PO), 
Sanitary Engineering (SA), Soil Mechanics and Foundations (SM), Structural (ST), Surveying and 
Mapping (SU), and Waterways and Harbors (WW) divisions. Papers sponsored by the Board of 
Direction are identified by the symbols (BD). For titles and order coupons, refer to the appro- 
priate issue of “Civil Engineering.” Beginning with Volume 82 (January 1956) papers were 
published in Journals of the various Technical Divisions. To locate papers in the Journals, the 
symbols after the paper numbers are followed bya numeral designating the issue of a particular 
Journal in which the paper appeared. For example, Paper 1113 is identified as 1113 (HY6) 
which indicates that the paper is contained in issue 6 of the Journal of the Hydraulics Division, 


VOLUME 82 (1956) 


JANUARY: 861(SM1), 862(SM1), 863(EM1), 864(SM1), 865(SM1), 866(SM1), 867(SM1), 868(HW1), 
869(ST1), 870(EM1), 871(HW1), 872(HW1), 873(HW1), 874(HW1), 875(HW1), 876(EM1)°, 877 
(Hw1)°, 878(ST1)°. 


FEBRUARY: 879(CP1), 880(HY1), 881(HY1)°, 882(HY1), 883(HY1), 884(TR1), 885(SA1), 886(CP1), 
887(SA1), 888(SA1), 889(SA1). 890(SA1), 891(SA1), 892(SA1), 893(CP1), 894(CP1), 895(PO1) 
896(PO1), 897(PO1), 898(PO1), 899(PO1), 900(PO1), 901(PO1), 902(AT1)°, 903(MR1)°, 904 
(Po1)*, 905(SA1)°. 


MARCH: 906(WW1), 907(WW1), 908(WW1), 909(WW1), 910(WW1), 911(WW1), 912(WW1), 913 
(WW1)°, 914(ST2), 915(ST2), 916(ST2), 917(ST2), 918(ST2), 919(ST2), 920(ST2), 921(SU1), 
922(SU1), 923(SU1), 924(ST2)¢. 


APRIL: 925(WW2), 926(WW2), 927(WW2), 928(SA2), 929(SA2), 930(SA2), 931(SA2), 932(SA2)°, 


933(SM2), 934(SM2), 935(WW2), 936(WW2), 937(WW2), 938(WW2), 939(WW2), 940(SM2), 941 
(SM2), 942(SM2)°, 943(EM2), 944(EM2), 945(EM2), 946(EM2)°, 947(PO2), 948(PO2), 949(PO2), 
950(PO2), 951(PO2), 952(PO2)°, 953(HY2), 954(HY2), 955(HY¥2)°, 956(HY2), 957(HY2), 958 
(SA2), 959(PO2), 960(PO2). 


MAY: 961(IR2), 962(IR2), 963(CP2), 964(CP2), 965(WW3), 966(WW3), 967(WW3), 968(WW3), 969 
(WW3), 970(ST3), 971(ST3), 972(ST3)©, 973(ST3), 974(ST3), 975(WW3), 976(WW3), 977(IR2), 
978(AT2), 979(AT2), 980(AT2), 981(IR2), 982(IR2)° ,983(HW2), 984(HW2), 985(HW2)°, 986(ST3), 
987(AT2), 988(CP2), 989(AT2). 


JUNE: 990(PO3), 991(PO3), 992(PO3), 993(PO3), 994(PO3), 995(PO3), 996(PO3), 997(PO3), 998 
(SA3), 999(SA3), 1000(SA3), 1001(SA3), 1002(SA3), 1003(SA3)°, 1004(HY3), 1005(HY3), 1006 
(HY3), 1007(HY3), 1008 (HY3), 1009 (HY3), 1010 (HY3)©, 1011 (PO3)©, 1012 (SA3), 1013 (SA3), 
1014(SA3), 1015(HY3), 1016(SA3), 1017(PO3), 1018(PO3). 


JULY: 1019(ST4), 1020(ST4), 1021(ST4), 1022(ST4), 1023(ST4), 1024(ST4)®, 1025(SM3), 1026 
(SM2), 102'7(SM3), 1028(SM3)C, 1029(EM3), 1030(EM3), 1031(EM3), 1032(EM3), 1033(EM3)°. 


AUGUST: 1034(HY4), 1035(HY4), 1036(HY4), 1037(HY4), 1038(HY4), 1039(HY4), 1040(HY4), 
1041(HY4)©, 1042(PO4), 1043(PO4), 1044(PO4), 1045(PO4), 1046(PO4)°, 1047(SA4), 1048 
(SA4)¢, 1049(SA4), 1050(SA4), 1051(SA4), 1052(HY4), 1053(SA4). 


SEPTEMBER: 1054(ST5), 1055{ST5), 1056(STS), 1057(STS), 1058(ST5), 1059(Ww4), 1060(WW4), 
1061(WW4), 1062(WW4), 1063(WW4), 1064(SU2), 1065(SU2), 1066(SU2)°, 1067(STS5)°, 1068 
(wwa4)®, 1069(ww4). ; 


OCTOBER: 1070(EM4), 1071(EM4), 1072(EM4), 1073(EM4), 1074(HW3), 1075(HW3), 1076(HW3), 
1077(HY5), 1078(SA5), 1079(SM4), 1080(SM4), 1081(SM4), 1082(H YS), 1083(SA5), 1084(SA5), 
1085(SA5), 1086(PO5), 1087(SA5), 1088(SA5), 1089(SA5), 1090(HW3), 1091(EM4)°, 1092 
(HY5)°, 1093(HW3)°, 1094(PO5)°, 1095 (6ma4)°. 


NOVEMBER: 1096(ST6), 1097(ST6), 1098(ST6), 1099(ST6), 1100(ST6), OL(ST6), LLO2(IR3), N03 
HOS(IR3), 1106(ST6), NO7(STS), 1108(ST6), LO9(AT3), UN(AT3)°, 


DECEMBER: 1113(HY6), 1114(HY6), 1115(SA6), 1116(SA6), 1117(SU3), 1118(SU3), 1119(WWS), 
1120(WW5), 1121(WW5), 1122(WW5), 1123(WW5), 1124(WWw5)°, 1125(BD1)°, 1126(SA6), 1127 
(SA6), 1128(WW5), 1129(SA6)°, 1130(PO8)°, 1131(HY6)°, 1132(PO6), 1133(PO6), 1134(PO6), 
1135(BD1). 

VOLUME 83 (1957) 


JANUARY: 1136(CP1), 1137(CP1), 1138(EM1), 1139(EM1), 1140(EM1), 1141(EM1), 1142(sm1), 
1143(SM1), 1144(SM1), 1145(SMi1), 1146(ST1), 1147(ST1), 1148(ST1), 1149(ST1), 1150(ST1), 
1151(ST1), 1152(CP1), 1153(HW1), 1154(2Mm1)°, 1155(sM1)°, 1156(ST1)°, 1157(EM1), 1158 
(£M1), 1159(SM1), 1160(SM1), 1161(SM1). 


c. Discussion of several papers, srouped by Divisions. 
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